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Pier Luigi Nervi:
Architecture as Challenge

Summary

Pier Luigi Nervi (1891-1979) is one of the greatest and most
inventive structural engineers of the 20th Century. With his
masterpieces, scattered the world over, Nervi contributed
to create a glorious period for structural architecture.

A wide research and investigation program was initiated in
2009, on the occasion of Nervi's 30th anniversary, concern-
ing his work and his complex figure. The many facets of his
personality were explored: designer, builder, researcher and
creator of new construction techniques, and, last but not
least, professor and lecturer in some prestigious universi-
ties around the world, as well as author of books debating
the relations between art and science in contemporary con-
struction.

Based on the results of these extended analyses an inter-
national itinerant exhibition, "Pier Luigi Nervi - Architecture
as Challenge", was created.

The paper presents a synthesis of this investigation-exhibi-
tion campaign and throws the light on some of Nervi's most
celebrated works of genius and on some of his most inno-
vative approaches to design and construction , giving evi-
dence to the complexity of this extraordinary figure of struc-
tural artist.
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1. Introduction

Described by Nikolaus Pevsner as "the most brilliant artist
in reinforced concrete of our time," Pier Luigi Nervi (1891-
1979) is one of the greatest and most inventive designers
and builders of the 20th Century, at the intersection between
the culture of architects and the polytechnic culture of en-
gineers. With his masterpieces, scattered the world over,

Nervi contributed to create a glorious period for structural
architecture.

His personality is composed of many facets: designer,
builder, researcher and creator of new construction tech-
niques, and, last but not least, professor and lecturer in
some prestigious universities around the world, as well as
author of books debating the relations between art and sci-
ence in contemporary construction [1] .

A wide research and investigation program was initiated in
2009, on the occasion of Nervi's 30th anniversary, concern-
ing his work and his complex figure. Based on the results
of these extended analyses an international itinerant exhi-
bition, "Pier Luigi Nervi - Architecture as Challenge", was
created [6] (figure 17).

A synthesis of the results of this investigation-exhibition
campaign is presented in the following and the light is frown
on some of Nervi's most celebrated works of genius, and,
especially, on some of his most innovative approaches to
design and construction, giving evidence to the complexity
of this extraordinary figure of structural artist.

2. Education, training and foundation of
construction company

Pier Luigi Nervi graduated in Civil Engineering at Bologna
University in 1913, in a fertile period for scientific, technical
and architectural ideas. Thanks to the contribution of a few
pioneers, builders, and designers, like Wayss, Hennebique
and Maillart, in the early years of the 20th centuries the new
technique of reinforced concrete was fast developing and
it was associated, from the very beginning, with a more or
less conscious search for stylistic results [3].

It is against this background that Pier Luigi Nervi's profes-
sional career began. Like the pioneers who had preceded
him, after an initial period of training in the technical office
of a construction company, Nervi set up his own construc-
tion business in 1920. Nervi was to maintain this dual role
of designer and builder throughout his life. He has been
described as having an engineer's audaciousness, an
architect's imagination and a businessman's practical real-
ism. His use of the most advanced technical solutions al-
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ways went hand in hand not only with the pursuit of formal
elegance, but also with an equally strong attention to the
technical and economic aspects of the building process.

3. Early works

The stadium in Florence (1930, figure 1) was the first great
work which attracted the attention of critics and the public,
both in Italy and abroad [4]. Besides the intrinsic beauty of
the project, characterized by the elegance and strong vi-
sual impact of the curved tapered corbels of the cantile-
vered roof and the spatial sculptural forms of the helicoidally
warped stairs, the competition was won on account of the
low cost of the construction .

Figure 1: P.L. Nervi, Stadium in Florence, 1930

The series of great hangars for the Italian air force at Orvieto
and Orbetello (figure 2) followed between 1935 and 1940.

Here Nervi   probably inspired by some earlier works in steel
and laminated wood also for hangars and temporary exhi-
bition halls, especially in the German area [5,8]   designed
a daring geodetic roof with intersecting arched ribs to en-
close an internal space which is dramatically simple in struc-
ture. The first group of hangars was constructed using tra-
ditional scaffolding and wooden forms for the concrete struc-
ture. In those which followed, he used precast elements for
the ribs, which were then connected on-site. The use of
precast components would afterwards become a constant
in Nervi's work. He always sought to exploit to the maxi-
mum the outstanding compositional and structural freedom
which this technical process offers.

Figure 2: P.L. Nervi, Hangars in Orvieto, 1935 and Orbetello, 1940

4. Early model testing

The hangars were also the first structure for which, in addi-
tion to static calculations, Nervi had recourse to tests on
reduced scale models. The test were performed by Prof.
Guido Oberti (1907-2004) at the Politecnico diMilano, in the
Model and Construction Testing Laboratory created by
Arturo Danusso (1880 - 1968), using celluloid elastic mod-
els on a 1:30 scale (figure 3). Nervi would maintain this pro-

cedure for most of his later works (see Section 7).

Figure 3: Celluloid models of the first and second series of hangars
tested at the Model and Construction Testing Laboratory at the
Politecnico di Milano (Courtesy CESI- SMES Archives, Seriat,

Bergamo)

5. Ferrocement: a new technique for structural
architecture masterpieces

In his first important post-war work - the astonishing central
hall of the Turin Exhibition Complex built in 1948 - to make
the precast elements for the magnificent transparent 94
meters barrel-vault, Nervi used the new technology of
ferrocement (figure 5). This technique, originally adopted
by Nervi for the walls and roofs of an experimental ware-
house at the site of his construction company at La
Magliana, near Rome, and for the hulls of small ships (fig-
ure 4), consists in a thin layer of concrete reinforced by a
thick mesh of small diameter wires, exhibiting remarkable
ductility and resistance to cracking.

Figure 4: (left) P.L. Nervi, experimental warehouse in ferrocement, La
Magliana, Rome, 1945; (right), Pier Luigi Nervi in front of one of his

boats in ferrocement.

Figure 5: P.L. Nervi, Central hall (Hall B) of Turin Exhibition Complex,
Turin, 1948.

Ferrocement can be used to mould elements of any geo-
metric shape   undulating in the case of the Turin vault and
in the great ribbed dome of the 1960 large Sports Palace in
Rome (figure 6)   to be connected by cast-in-situ concrete.
For the 55 x 157 metres dome of the Hall C of the same
Turin complex, designed and built by Nervi in 1950, the
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ferrocement elements become thin diamond-shaped tiles
(2 cm thick) functioning as

formwork for the concrete cast on their upper surface and
within the contact channels at their sides, after their assem-
blage. The result is a particularly elegant mesh of reinforced
intersecting ribs (figure 7).

The same pattern characterizes the structural fabric of the
vaults and domes of some of Nervi's most famous later
works: the Kursaal at Ostia (1950), the Ballroom at the
Chianciano spa (1952), the small Sports Palace in Rome
(1957, with Antonio Vitellozzi, figure 8), where the extremely
elegant layout of the concrete ribs seems to be inspired by
the geometrical network of the heart of sunflowers, the
Leverone Field House and Thompson Arena at Dartmouth
College (New Hampshire, USA, 1962 and 1975, with
Campbell and Aldrich), the Norfolk Scope Arena (Virginia,
USA, 1965-71, with Williams and Tazewell& Associates, at
the time the largest dome in the world with its diameter of
135 m., figure 9) and St Mary's Cathedral in San Francisco
(1963-71, with Pietro Belluschi, figure 10). In this last work
the ferrocement tiles and the mesh of concrete ribs adapt
to the elegant hyperbolic paraboloid surfaces of the
dome [7].

Figure 6: P.L. Nervi with Marcello Piacentini, Sports Palace in Rome,
1958-60

Figure 7: P.L. Nervi, Hall C of Turin Exhibition Complex, Turin, 1950

In the Gatti Wool Mill (1951) the tiles are used to build a flat
floor: the design of the ribs that mark the ceiling is derived

from the lines of the principal bending moments, again re-
sulting in a particularly refined formal outcome that is found
in a number of other subsequent projects.

6. Maturity works and international recognition

Nervi's first important work outside Italy was the UNESCO
Headquarters in Paris (1953-58, in cooperation with Marcel
Breuer and Bernard Zehrfuss ), its most characteristic fea-
ture being the fascinating folded structure in exposed con-
crete of the walls and roof. A series of other prestigious
commissions followed Besides those already mentioned
above, the list includes: George Washington Bridge Bus
Terminal in New York (1962),

Montreal's Victoria Square Tower (1961-66, with Luigi Moretti,
figure 11), Australia Square and MLC Center Towers in
Sydney (1964-72, with H. Seidler) and the Italian Embassy
in Brasilia (1979). In Italy, the most celebrated works of his
later period include: the Pirelli Tower in Milan (1955-59, with
Arturo Danusso and Gio Ponti, figure 12), the complex of
works for the 1960 Rome Olympics (besides the two Sports

Figure 8: P.L. Nervi with Antonio Vitellozzi, small Sports Palace in
Rome 1957

Palaces, the Flaminio Stadium and the Corso Francia Via-
duct), the Palazzo del Lavoro in Turin (1959-61) (figure 13),
with its geometrically fascinating columns whose striped
slanting surfaces are covered by a steel umbrella-like struc-
ture (designed by Gino Covre); the Ponte Risorgimento in
Verona (1963-68) with the sculpturally highly effective shape

Figure 9: P.L. Nervi , with Williams and Tazewell & Associates, Norfolk
Scope Arena, Virginia, USA, 1965-71
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of the concrete girder, and the Papal Audience Hall in the
Vatican (with Antonio Nervi, 1963-71, figure 14), which re-
calls the themes of the Turin Exhibition Hall of 20 years ear-
lier while enhancing them to create an imposing composi-
tion.

Figure 10: P.L. Nervi with Pietro Belluschi, Mc Sweeney, Ryan & Leew
and Leonard F. Robinson (structural engineer), St. Mary Cathedral,

San Francisco

Figure 11: P.L. Nervi with Luigi Moretti, Victoria Square Tower,
Montreal,1961-66

Figure 12: P.L. Nervi with with Arturo Danusso and Gio Ponti, the
Pirelli Tower in Milan, 1955-58

Figure 13: P.L. Nervi with Antonio Nervi and Gino Covre, Palazzo del
Lavoro in Turin (1959-61)

Figure 14: P.L. Nervi with Antonio Nervi, Papal Audience Hall, Vatican
City, 1963-71

7. Experimentation in the work of Pier Luigi Nervi

Experimentation played a major role in the work of Nervi.
Understood as the direct observation of the structural re-
sponse, both on full scale prototypes and life-size scale
constructions as well as, in particular, on reducedscale
models, experimentation was considered as the best strat-
egy, as an alternative to or in addition to the best available
computational approach, to overcome the difficulty consist-
ing, at the time, in the recognition of the practical impossi-
bility, of basing the procedure for safety checks of complex
constructions on adequately accurate, and computationally
feasible theoretical models.

A strategy also found - not coincidentally - in Torroja, and in
other leading exponents of structural architecture in the
twentieth century including, to cite just a few, Franz
Dischinger, Antoine Tedesko, Felix Candela, Heinz Hossdorf,
and Heinz Isler [2].

It is important to note that this happened during a period in
which great changes were affecting the very foundations of
engineering, in the specific field of structural mechanics.
Beginning in the 1930s, and increasingly over the following
two decades, new formats were developed for the ascer-
tainment of the static safety of constructions, with regard in
particular to constructions in reinforced concrete. The fo-
cus gradually shifted, in fact, from the analysis of their
behaviour in service, in general quite adequately examined
by means of elastic calculations, to the study of their ulti-
mate resistance, in order to arrive at a more realistic as-
sessment of their margin of safety with respect to collapse,
a margin that in most cases proved to be superior to that
measured in the elastic field due to the favourable plastic
adaptation of the materials close to the point of rupture.

In this early period, the technique of experimentation on
models, too, had to adapt with intelligence to this complex
context in which the very criteria of evaluation of the safety
of constructions were being modified, overcoming many
difficulties in order to be able to provide an effective re-
sponse. In particular the difficult constraints of scale effects
had to tackled with ingenuity and tcompetence. Experimen-
tation on models, which for engineers like Nervi and Torroja
became an essential phase of their design path, thus ended
up by becoming in itself an extremely refined art  especially
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when applied to works produced with a material character-
ized by complex behaviour such as reinforced concrete   an
art in which it was necessary once again, almost in the same
way as in real construction, to be able to combine techno-
logical expertise and imagination.

After the interruption of activity during the war , the scien-
tific collaboration between Nervi and Oberti initiated at he
Laboratory of the Politecnico di Milano continued for more
than 30 years within the new research laboratory of ISMES
created by Danusso in Bergamo, with the support of
Italcementi, the leading cement corporation, and of SADE
one of the major hydro electrical companies engaged in
the programs of constructions of dams, a type of struc-
tures whose design still largely depended on scale model
tests

One of the most complex models produced and tested
within the new facilities was that for the reinforced concrete
frame of the Pirelli Tower in Milan, the 135-metre tall sky-
scraper, whose structural project was entrusted to Nervi and
Danusso (1955-56). This time the large spaces and the
avant-garde equipment available at the ISMES allowed
Oberti to create a model in large scale (1:15) almost 10
metres tall (figs. 15), produced in micro-concrete of pum-
ice-stone and cement, and resting on a layer of rubber to
simulate the deformability of the soil, a model capable of
representing the specific features of the structure and thus
of being tested beyond service conditions up to failure. The
increased interest among the scientific community also in
the dynamic

response of structures to the environmental action of the
wind and of earthquakes led Nervi, Danusso and Oberti to
consider the advisability of carrying out - before the failure
tests - a series of tests in the dynamic field in order to verify
the effects of the action of the wind.

The tests fully confirmed the validity of the structural con-
figuration that Nervi, this time together with his now elderly
friend Danusso, had conceived to give solidity and strength
to the elegant form designed by architect Gio Ponti. The
variants introduced in the project and in a second series of
tests, following the results of the first series, were minimal,
aimed at obtaining an increase in the flexural rigidity of the
main vertical cantilever - formed of pairs of large dovetailed
pylons - through the insertion of architraves joining the py-
lons themselves even in the upper two thirds of their height,
and at improving the torsional behaviour which was affected
by the eccentric position of the elevator towers.

In 1962 the ISMES hosted the tests on a celluloid model in
small scale (1:53) (figure 15) for the 145 metre tall skyscraper
in Place Victoria, Montreal, at the time the highest building
in reinforced concrete in the world, designed by Luigi Moretti
with a structural project by Nervi. In this case the attention
was focussed above all on the dynamic tests in the elastic
field for the study of the response to the action of the wind
and of earthquakes.

These tests were followed by those carried out in 1964-65
for another prestigious building in North America: St. Mary's
Cathedral in San Francisco, designed by Nervi as struc-
tural consultant together with architect Pietro Belluschi. In
this case the tests were as many as four. The model in small
scale (1:100) for the wind tunnel tests was followed by two
models in medium scale (1:40 and 1:37) in resin (fig. 16
left) for the static and dynamic tests, with special attention
to seismic tests due to the building's location. These tests
were accompanied by checks on numerical models based
on early applications of the finite elements method by the
engineering

Figure 15: left and center: micro-concrete reduced scale models
(1:15) of Pirelli Tower for tests beyond the elastic domain; right.
elastc reducede scale model (1:53) of Victoria Square Tower,

Montreal

Figure 16: left: elastic model (1: 37) of St. Mary Cathedral under
dynamic test; right: micro-concrete reduced scale models (1:15) of

St. Mary after the ultimate limit state teswt.

studio of Leonard Robinson responsible for the final design
and by the review board of Californian experts responsible
for the control of the project. Finally, a large scale model
(1:15) in micro-concrete was constructed for the failure tests
(fig. 16 right).

In the second half of the 1960s ISMES hosted the experi-
ments on models for a number of important projects in USA
and Europe. In 1967, for the Cultural Center in Norfolk, Vir-
ginia (figure 9), Nervi used a model in 1:100 scale in the
wind tunnel at the Polytechnic of Turin and an elastic model
in resin in 1:50 scale for static and dynamic tests (fig.13).
These experiments were followed in 1968-69 by the tests
on a model in large scale (1:6.6) in reinforced micro-con-
crete of a large segment of the hyperbolic paraboloid roof
for Newark International Airport, New Jersey, and the dy-
namic tests on two elastic models in resin in 1:40 scale for
the B.I.T. offices in Geneva, for which Nervi was consultant
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engineer. The elastic model of the Rupert C. Thompson
Arena at Dartmouth College (New Hampshire, USA) in 1:50
scale (fig. 16) was the last of the models for Nervi's projects
to be tested in Bergamo in 1970-71.

While the new computational techniques based on numeri-
cal modelling were appearing in those years, it is fair that
the art of building, that extraordinary designers like Nervi
and Torroja developed in what was an unrepeatable sea-
son of architectural engineering, was largely indebted to
the art of experimentation. Perhaps justifying Oberti's fre-
quent citation, with undissimulated satisfaction, of the say-
ing attributed by Vasari to Michelangelo: "The most blessed
monies that are spent by those who would build are on
models."

Figure 17: International Exhibition "Pier Luigi Nervi - Architecture as
Challenge"; MAXXI, Museum of the Arts of the 20th Century, Rome,

December 2010-March 2011 (first bove), and CIVA, Centre
International pour la Ville, l'Architecture et le Paysage, Brussels,

June-August 2010 (below).

8. Philosophy of structures

When, with his profound knowledge of construction tech-
niques, Nervi discusses the answer to the fundamental
question "Science or art of building?" that titles his most
famous book published in 1945, far from underestimating
the importance of the mechanics of structural systems, he
undoubtedly emphasizes the priority of the intuitive moment
in the conception of structural architecture: "The concep-
tion of a structural

system is a creative action only partly based on scientific

data; static sensitivity entering in this process, although
deriving from equilibrium and strength considerations, re-
mains, in the same way as aesthetic sensitivity, an essen-
tially personal aptitude". In this vision - that he shares with
another master of structural architecture of the 20th cen-
tury like Eduardo Torroja, who declared a few years later in
Razón y Ser de los Tipos Estructurales (1957) that "the birth
of a structural complex, the result of a creative process, the
fusion of art and science, talent and research, imagination
and sensibility, goes beyond the realm of pure logic to cross
the arcane frontiers of inspiration" - Nervi fears that the forced
need to use analytical models for the reliability assessment
of structures might limit a designer's inventiveness. He be-
lieves that structural imagination

frequently transcends the possibilities - at the times con-
fined by the lack of modern computerized structural analy-
ses - of analytically rigorous verification. This struggle for a
design freedom was also the principal justification for his
keen interest for experimental research on mechanical scale
models.

These concepts were at the base of Nervi's extensive and
interesting writings focusing especially on the language of
architecture and the relationship between structure and
form, and on the ethical value of building in a correct way.
These were also the typical themes of the university teach-
ing he regularly carried out at Rome's School of Architec-
ture and of some of his important speeches and lectures at
prestigious universities from Buenos Aires (1951) to Harvard
(Norton lectures, 1961-62). They characterized as well his
exchanges of ideas and professional collaboration with
those who shared his culture and mind-set, such as Mario
Salvadori, structural engineer and professor at Columbia
University.

The true art of Nervi, and of these other eminent protago-
nists, is the ability of composing the fracture between art
and techniques in spaces that border poetry, without re-
nouncing, in the conversion of the inspiration into a design
and of the design into a construction, to the modus oper-
andi of the engineers, but rather emphasizing it with origi-
nal and innovative contributions.

Author Affiliation

Mario A. Chiorino 1 and Cristiana Chiorino2

1 Department of Structural and Geotecnical Engineering,
Politecnico di Torino, mario.chiorino@polito.it 2 Department
of Architectural Design, Politecnico di Torino, crist
iana.chiorino@comunicarch.it

References

l Chiorino C., "Eminent Structural Engineer: Pier Luigi Nervi
(1891-1979), Art and Science of Building", Structural En-
gineering International, Vol. 20, N. 1, February 2010, pp.
107-109.

Pier Luigi Nervi: Architecture as Challenge



December 2011  |  Journal of SEWC 11

Pier Luigi Nervi: Architecture as Challenge

l Chiorino, M. A., "Experimentation in the work of Pier Luigi
Nervi" in Olmo C. and Chiorino C., see [6], p. 61-83.

l Levi F. and Chiorino M. A., "Concrete in Italy. A review of
a century of concrete progress in Italy, Part 1: Technique
and architecture", Concrete International, Vol. 26 No 9,
September 2004, pp. 55-61.

l Martinis R., "The Berta Stadium", in Olmo C. and Chiorino
C., see [6], p. 142-145.

l Muntoni A., "Il contesto storico e la dimensione
internazionale" in Pier Luigi Nervi: L'approccio globale

al progetto di architettura, Rome 2011

l Olmo C. and Chiorino C. (Editors), "Pier Luigi Nervi. Ar-
chitecture as Challenge", Catalogue of the International
Exhibition, Cinisello Balsamo, Italy, 2010, 240 pp.

l  Pace S., St Mary's Cathedral, in Olmo C. and Chiorino
C., see [6], p. 186-191

l Sassone, M. and Piccoli E., "Eight Airplane Hangars in
Reinforced Concrete" , in Olmo C. and Chiorino C.,see
[6], pp.146-151.



12 Journal of SEWC  |  December 2011

Form, Structure and Energy

Form, Structure and Energy

Summary

This paper introduces and analyses a new concept, named
tensibility, which allows assessing or guiding the quality of
the response of a structural system integrated in a given
formal arrangement. This tensibility concept makes pos-
sible to estimate the efficiency loss of deformation-resis-
tance capacity of the structures needed for free forms com-
pared to those needed for other forms which are more sig-
nificant or canonical and reduce the required internal strain
energy by adhering compromisingly to the structural
meaning.

Keywords

Special constructions; structural proficiency; internal strain
energy; canonical forms; free forms; significant forms; icons;
mannerism; manipulation; tensibility.

Theme

Structural & Architectural Design

1 Introduction

Coinciding with the intensive and active use of computers,
we have lately been witnessing a deep transformation of
architectural and engineering forms of many important, re-
cently built, buildings and bridges. We, structural engineers,
are all being affected by a new way of understanding and
categorizing these forms and the structures which give them
stability and strength.

But rarely do we stop and reflect on the internal strain en-
ergy the structure must develop in order to cope with the
loads and maintain the deformation below the acceptable
limits required to ensure the comfort and functionality of
the structural system. In these new free forms, the required
energy is greater than in traditional forms, or, technically
speaking, 'canonical forms' - as we shall see later.

There's an awareness of having been, or perhaps still be-
ing, immersed in a mannerist age that manipulated previ-
ous concepts and processes, which orderly determined the
tendency to conceive our constructions. This manipulation,
usually superficial and banal, wanted to achieve special,
notorious, surprising and increasingly exciting forms at any

Martínez-Calzón Julio1

price, in a sort of methods-and-models marketing. It was
clear propaganda for companies which demanded such
constructions, by way of icon or symbol which, however
ephemeral, would boost the sales of their products. These
forms were beyond any architectural or cultural value build-
ings might exhibit. And it's even worse when similar assign-
ments were made by politicians who, through these kinds
of nonsensical constructions, put getting a personal "im-
age" before the respectful and rigorous use of funds con-
tributed by citizens who elected and trusted them.

It is not the author's intention to tackle these social-political
issues or to examine these kinds of behaviour, which are
the responsibility of society at large, but to focus on a bal-
anced assessment of what this set of concepts (forms,
bearing structures and the energy they need to develop)
means for the domain of the technology and, more pro-
foundly, on what its repercussions are for the broader con-
cept of culture of societies.

This proliferation of forms that are exclusively ruled by origi-
nality and image, and which are definitively unrelated to any
commitment towards their resistant behaviour - even in
works of the greatest importance - come to determine a
way of operating defined as "free forms", very often used in
buildings but also increasingly present in footbridges and
bridges.

This paper aims to assess qualitatively, and in some cases
quantitatively, what basic meanings this impulsive presence
of free forms might add to the structural field and what would
be their correlation with the internal strain energy mobilised
by those structures.

2 Scope

Because if this trend line of designs were to be enhanced,
some questions would undoubtedly arise:

l To what extent could the ratio originality/cost be accept-
able?

l Where do the limits of such originality have to be set?
Because it's clear that it cannot be zero in view of the
fact that, in their positive development, our societies
need some margins for design, cult to beauty, novelty,
etc. and don't have to be subjected solely to utility fac-
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tors, minimum cost, etc.; some concessions might there-
fore be acceptable.

It's obvious that these limits, if any, should be determined
by concepts which are different from the ones this analysis
of the creativity form-structure-energy seeks to establish.
For the public administration, these concepts would prob-
ably be much more in line with the character and socioeco-
nomic requirements of what each country, society and time
establishes in their budgets and priorities. For privately
owned companies, they would have to fit with their market
and return-oninvestment strategies.

With regard to bridges: neither can we, the engineers, be
acquitted of formal, even formalistic, attitudes and one might
observe an appreciable trend to use gratuitous solutions,
which are remote and even sometimes deviant from the
structural practice, solely to achieve originality, without car-
ing to entail important cost overrun, so to achieve the me-
dia coverage (press, TV, etc.) that would make up for the
economic setback.

By means of example: it seems difficult to admit in a techni-
cal context, that works such as the Alamillo Bridge (figure
1), or the more recent Bridge Pavilion in Zaragoza (figure
2), with a per square meter cost between 6 and 12 times

Fig. 1: Alamillo Bridge in Sevilla (S. Calatrava); elevation

Fig. 2: Zaragoza Pavillion-Bridge (Zaha Hadid); Bird's eye view

higher than what could be considered as reasonable, have
been accepted with hardly any criticism by the engineers in
charge of their completion, regardless of the fact that more
or less technical juries elected those designs. And this is
important because these decisions affect heavily our rela-
tionship with society even if the real cost of completion is
zealously hidden or disguised.

To illustrate the above-said, let us compare two types of
cross-sections which are frequently used in footbridges and
bridges and which allow assessing and criticizing the for-
mal design decisions.

I) Circular tubular cross-section and its comparison with
the corresponding inscribed rectangular one (figure 3)

Fig. 3: Comparison of Cross Sections I

II) Lenticular cross-section and its comparison with the in-
scribed rectangular box section (figure 4)

These examples witness that the use of these forms under
bending stresses determines an average weight increase
of about 40% and an average cost increase of about 140%
for the tubular cross section; whereas these numbers are
respectively 120% and 225% for the lenticular cross-
section.
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These are significant values that should be known by the
technicians which have to assess the possibility and suit-
ability of these solutions.

However, there's no need to dismiss the whole domain of
free forms because during their study and structural de-
sign, some positive aspects may arise for the structural tech-
nique. In order to establish a way to carry out this active
assessment of constructions and forms in a weighted man-
ner, it's advantageous to introduce a new criterion: tensibility.
A factor that correlates the three categories we've been
using: form, structure and energy.

3 Tensibility

Thus, the factor tensibility is defined as the intrinsic ability
of a structure or building type to actively drive the stresses
induced by all loads on it, into its bearing points by making
maximum use of its formal configuration and the arrange-
ment of its composing elements, so to achieve
energeticdeformation behaviours close to the canonical
ideals - those of minimum internal strain energy of the de-
formed system which responds to the acting loads.

Fig. 4: Comparison of Cross Sections II

Each structural arrangement adjusted to a certain architec-
tural form can thus reach a certain tensibility factor. The
skill to perceive or measure this factor and the ability to
increment it and to estimate the potential limit of a given
formal configuration reveals the grade of structural profi-
ciency of the structural engineers.

In order to achieve that, the engineers have to rely on an
intense and intuitive knowledge of the broader and deeper
properties and resources of structural systems: joints, cou-
plings, links, compatibilities, intelligent devices, material
properties, staged behaviour, etc.; which might come from
other systems or be adaptations of them and on which they
can rely with great praxis and skill so to enhance the under-
standing and optimization of the resistant plexus of the
system.

Thus, the most operative possibilities for the application
and assessment of the tensibility factor are obtained by
means of the qualified use of concepts such as:

Mega-structures; bring into play the total dimensions of a
building or area

- The interrelationship of substructures or sub-
systems:

l Cores - slabs

l Bearing facades - slabs

l Special blocks (shear walls, cable structures, local tubes,
etc.)

- The possibility to operate on elements:

l Prestressed diagonals

l External prestressing

l Ties

- Deformational incompatibilities:

l Bending-torsion, equivalent to elastic restraints

l Coupled cantilevers, equivalent to elastic bearings

l Active preloading (prestressing, raising of bearing
points, etc.)

- The redirection of stresses:

l Transformation of structural areas: provisional restraints;
joint-blocking; etc.

l Larger but more operational load paths

l Tensegrities and semi-tensegrities, obviating bending

Mega-bars and mega-sections

l The use of hybrid solutions: adequate combinations of
building types and materials
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l A precise understanding of the slenderness and the re-
straints required to ensure local and global stability

l The use of intelligent devices: dampers, stabilizers, semi-
concordant links, etc.

On the contrary, conditions and situations of anti-
tensibility are:

l Those which set the structure according to forms and
surfaces which lack of active arrangements

l Forms with abrupt changes in areas which are remote
from bearing points or partial unloading systems

l Angulations or deviations of the structure which deter-
mine notable breaks of the stress flow.

Because regardless of the socio-cultural value of any of
these new free forms, the current key role of structural en-
gineering is to actively help achieve the full potential of the
original creative idea - if any - pursued by such forms. And,
this mental attitude arouses: to achieve new tensible pos-
sibilities which enhance the basic conceptual approach,
and to establish nuanced reductions which, without notable
distortion, free the original idea from its inappropriate lines
with low tensibility profiles.

By following these guidelines, the final work will shed the
fundamental underlying architectural spirit of the creation
itself as well as an additional, deeply harmonic intensity of
its form, partially conceptual and partially psychological, in
its essential adherence to the laws of nature.

And it will achieve it, not in the same way as the classic or
canonical forms did, but in a new and typical manner, as
befits its rising existence and as excellent and worthy as
them.

Structural engineering is primarily interconnection and in-
tegration of the bearing system into a conglomerate that
combines materials, space, form and energy and which is
mechanically as close as possible to what in the realm of
living beings would be a skeleton that is harmonically en-
tangled in its global metabolism, equivalent to the architec-
tural action. And that also, and without distinction, can be
applied to the engineering works by changing the architec-
tonic variables for the engineering ones of our works.

The structural density, in conceptual sense, measured by
tensibility, guides, towards the transcendent as if it were a
kind of compass; whereas the path of the mere form never
reaches the perennial and magisterial in the field of con-
struction.

This approach will allow us to compare clearly:

l On the one hand, the current avalanche of free form
proposals which present society seems to claim;

l On the other hand, an effective engineering which is

able to carry out the mastery of the new process and
direct the performance of this society towards deeper
and more consistent positions.

A clear vision of what the tensibility concept encompasses
may allow transmutation of possible free, soulless, forms
into other similar ones which tend towards significant forms
thanks to proficiency in the field of structures and matter; a
proficiency that has to be compositional, analytical and
constructional.

4 Examples

In an attempt to clarify the aforesaid, six construction
projects are presented wherein this proficiency has been
achieved through the use of tensibility:

4.1. Gas Natural's New Headquarters. Barcelona
Architects: EMBT

A building complex wherein two great cantilever bodies are
to be highlighted, one of them a prism with an average span
of 42 m; the other one has a variable depth and a maxi-
mum span of 32 m.

In the first one, the mega-structure condition and the con-
cept of global suspension from the top of the central core,
determine clearly the used tensibility ideas followed while
minimizing the use of functional areas by integrating the
main structure in the facades.

In the smaller body, tensibility is expressed by driving the
deviating horizontal components of the sloping elements
towards a rear core. Due to the eccentricity of the axis of
the cantilever, the floor slabs have to work as horizontal
deep girder structures able to drive the vertical torsional
moments, originated from that eccentricity, towards the
concrete core.

Tensibility is also making good use of all the vertical cores
together with the stiffness of the composite slabs so to
achieve that this system works as a whole against wind
and seismic loads.

Fig. 5: General view of the complex

Form, Structure and Energy
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Fig. 6: Small cantilever body under construction and floor plan

Fig. 7: Erection of large cantilever building showing the
megastructure under construction

Fig. 8: Structural arrangement of the suspension head on top of the
central core

4.2. Torre Espacio. Madrid Architects: Pei, Cobb,
Freed & Partners

Use of prestressed diagonals in the two large facade trusses
of a high-rise building so to reduce, by means of staged
pre-stressings, the bending moments which occur during

the erection process. This has been defined earlier as one
of the specific mechanisms of tensibility.

Fig. 9: Global structural arrangement

Fig. 10: Tower with
open concourse on

ground level

Fig. 11: View of the truss girders in the
building

Fig. 12: Large truss girder with prestressed diagonals

4.3. New airport terminal roofs. Alicante (Spain)
Architect: Bruce Fairbanks

Set of 36 m sided square domes, bearing on 13.50 m high
cylindrical tubular composite columns with an external di-
ameter of 0.9 m.

The resistant system is composed of 4 circular bowstring
arches made out of steel boxes and with a radius of 36 m
set at the four sides. They bear monolayer domes built out
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of two sets of round, orthogonally arranged, hollow tubes
and a system of diagonal rods. In this structure, the tensibility
of the system is developed by assuming several geometri-
cal and mechanical conditions; such as:

Fig. 13: Arrangement of the prestressing strands in the diagonals

l Identical tubes are completely pre-manufactured off-site
with the appropriate thicknesses for each area and
placed parallel so to form a pseudo spherical dome
which is geometrically very close to a spherical one.
Diagonal rods cross the small gap between both sets,
achieving a global structure that behaves mainly as a
membrane but is able to resist laminar bending and
shear.

l Specially designed joints made out of a piece of mod-
erately thick tube with square crosssection which holds
in its vertices four ear plates. These ear plates allow es-
tablishing a pin connection with the jaw-end of the solid
diagonal rods of various diameters  12 to  32 mm.

l Each self-supporting dome is assembled on ground
level and, once finished the assembly, lifted by means
of a crane onto the outside end of provisional gantry-

Fig. 14: Bird's eye view of the construction process

Fig. 15: Detail of the joints between dome layers

Fig. 16: Placement of domes through launching on provisional
girders

Fig. 17: Inside view of the dome system

beams so to be launched to their final location by means
of simple bogies.

4.4. La Pallaresa complex. Barcelona Architects:
Iberian Arquitectes

The three buildings that form the complex have important
cantilevers at the front in such a way that the lower horizon-
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tal soffits of their first floors are at the same level; hence
creating at the ground level a great common open con-
course which neatly unifies the three buildings.

The structural tensibility of these buildings has been ex-
ploited maximally by using megastructures in all their fa-
cades so to let them constitute, together with the central
concrete core and the solid floor slabs, a spatial bearing
structure which is characterized for lacking great cantilever
trusses acting as upper suspending lintels or lower bear-
ing members; hence avoiding systems which impose
unfavourable functional conditions on the buildings.

The reinforced concrete facades are perforated by a stag-
gered window pattern; the lateral ones being large cantile-
vers able to drive, in to most favourable manner, the self
and front facade loads towards the foundations thanks to
the ideal diagonal grid present in its geometry when modu-
lated each two storeys. These facades are thus structural
as well as functional, acting as the building envelope and
protected with the adequate coating.

The construction procedure also requires some key
tensibility concepts: propping only the first four floors and
three heights of facade so to let the subsequent storeys
contribute progressively to the global resistant system as
they are being built. Monitoring displacements through hy-

Fig 18: The three buildings with horizontally aligned cantilever soffits

Fig.19: Temporary props and formwork arrangement at the begin-
ning of the construction of the hotel cantilever façade

Fig 20: Hotel structure after prop removal

Fig. 21: Diagonal lines in the facade

Fig. 22: The complex
at the end of
construction

Fig. 23: Final general view

draulic jacks during prop removal allows controlling the re-
sponse of the structure, comparing the theoretically pre-
dicted values with the real ones and hence ensuring a cor-
rect behaviour and construction.

4.5. Zerozero tower. Barcelona Architect: Enric
Massip

High rise building of 24 storeys with a spearhead shaped
floor plan, a central concrete core and facades composed
of two interconnected bearing layers:

l An inner one made out of 16 cm wide vertical columns
tightly placed at 1.35 m from one another
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l An outer one made out of rectangular tubular elements
with a 0.68 m by 0.24 m cross-section, placed diago-
nally and randomly as branches, called bamboos.

The prestressed concrete floor slabs connect the aforesaid
double layer to the core so to constitute a tube-in-tube sys-
tem that bears all vertical and horizontal loads.

The tensibility of this structure is found in the fact that, al-
though the bamboos were initially only thought as orna-
mental, both layers of the facade were interconnected so
to let them work simultaneously and efficiently: the first one
carrying mainly the vertical loads and the other one - made
out of diagonal members - driving the horizontal loads to-
wards the foundations, via a process of compatible inter-
action between both systems. In the most unfavourable di-
rection, this double facade constitutes about 34% of the

Fig. 24: Model showing the double
facade system

Fig. 25: Arrangement of the
double façade members

Fig. 26: Inner patio with special
horizontal bracing beams

Fig. 27: Longitudinal final view

total bearing capacity of the building; with about 18% in the
bamboos and about 16% the inner layer; resulting in ad-
equate overall dimensions and slender wall thicknesses for
the core as well as an acceptable global sway response.

4.6. Bridge over the Avenue of the Americas.
Montevideo (Uruguay)Engineer: Julio Martínez
Calzón

The tensibility feature of the emblematic and iconographic
design demanded by the administration is achieved by plac-
ing the single sculptural pylon in the centre of gravity of the
curved deck's dead load. That way, the pylon is subjected
to a vertical resultant with minimum bending moments which
only appear, either positive or negative, in case of asym-
metric live load and due to wind, thermal gradients, etc.;
fairly small values compared to the possible total loads.
Additionally, the prestressing of the bottom half of the py-
lon is actively improving the bending response of the com-
posite system of steel tube filled with concrete that receives
that prestressing. The foundation, which is set adequately
eccentric to the pier, provides also an adequate tensibility
arrangement.
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Fig. 28: External view
with pylon

Fig. 29: Continuity of the deck

Fig. 30: Arrangement of the
stays in the pylon arms

Fig. 31: General view at sunset
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Interactive Design and Dynamic Analysis
of Tensegrity Systems

Summary

A real time implementation of a discrete element method is
presented with applications in interactive design and dy-
namic non linear analysis of lightweight reticulate space
structures. It is validated on a representative example by
comparison with two other static analysis codes adapted
to the behavior of tensegrity systems.

The advantages and versatility of the approach are dem-
onstrated through examples in stability analysis and
deployable structure simulations.
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1. Introduction

Tensegrity systems are a particular class of reticulate space
system known since the fifties with the work of K. Snelson
[1] and the definition given by R. B. Fuller [2] after the con-
traction of the term "tensional integrity" that qualifies the state
of these systems. More recently, they were defined [3] as a
discrete set of compressed elements inside a continuum
of tense elements in a stable equilibrium state. Thus,
tensegrity structures are self-equilibrated systems made of
bars and cables in a selfstress state, which brings the pos-
sibility to create thin, lightweight and transparent structures
(figure 1).

However, the design of these systems is generally complex
because the form and the internal forces needed to ensure
the rigidity and stability are closely related. Form-finding
approaches have been developed to consider these con-
straints during the design, using force density methods [4]
or by a combination of modules [5] but they lead usually to
regular geometry. Recently, a free form composition pro-
cess was described, leading to irregular configurations us-
ing a step-by-step construction process [6].

Although these systems still fascinate architects and are
the subject of an extensive literature, their development re-

Averseng Julien1, Quirant
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mains restrained by a lack of knowledge and confidence
when compared to more conventional construction prin-
ciples because these systems do not fit well in the existing
structural analysis engineering process. In order to improve
this situation, analysis methods need to be adapted to get
the better of these systems by taking into account more
easily the initial selfstress, local non linear effects and large
displacements. In addition, due to their lightness, the dy-
namic behavior of these systems is also to be guaranteed
and properly determined, which may require an additional
specific analysis procedure, getting the whole design pro-
cess more complex.

The methodology presented in this paper relies on the use
of a dynamic simulation in order to solve at the same time
the analysis and design problem. Actually, tensegrity sys-
tems are very similar to molecular systems. Thus, they can
be modeled as a set of nodes in elastic or more complex
interactions representing bars and cables. Computing
power being more and more affordable, complex discrete
systems can now be simulated in real time on current desk-
top computer. It is then possible to simulate continuously
the evolution of such a system as it is reacting to internal
and external forces while building its structure, which cor-
responds to incorporating a dynamic simulator within a
structural modeler. This approach, extensively used in com-
puter graphics domain for clothes and multi-bodies simu-
lations [7], was also chosen by several authors for the visu-
alization and simulation of elementary modules or regular
structures, but with limited editing or analysis possibilities
[8][9]. This methodology was also highlighted and applied
successfully in form-finding of tension structures [10] and
robotic simulation [11].

Figure 1: Snelson's Needle Tower and R.B Fuller's Tensegrity mast

Interactive Design and Dynamic Analysis of Tensegrity Systems
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In this paper, an implementation of these principles in the
structural analysis field is presented. Its possibilities and
advantages over the conventional analysis process usually
disconnected from the architectural design, are demon-
strated. Indeed, the dynamic analysis is conducted in real
time and allows interactive form adjustments, editing of
structural properties and can also be adapted for use in
quasi-static and kinematic analyses.

2. Tensegrity systems static analysis

Tensegrity systems are self-stressed space reticulated sys-
tems where the nature the elements is adapted to the set of
internal forces, which allows gains in weight and transpar-
ency. Though, the global self-equilibrium and stability de-
pend strongly on the existence of a compatible selfstress
state, whose level and distribution must be designed in or-
der to keep cables in tension and bars in compression, in
conformity with their mechanical abilities [12].

Static equilibrium of reticulate systems corresponds to the
equilibrium of all the degrees of freedom under internal Nij
and external Fj forces (figure 2).

Figure 2: Global static equilibrium

Using density force factors qij the static equilibrium can write
in matrix form [13] as  Aq = f  (1)

where A is the n*m equilibrium matrix that expresses the
equilibrium along the n degrees of freedom of the normal
forces of the m elements that constitute the structure. The
column vector q represents the selfstress state vector, com-
posed of the density force factors qi, defined as the ratio of
the normal effort over the length of element i. Selfstress
state verify the global static equilibrium of the system un-
der no external load therefore,

it is the solution of the problem (1) with f=0, which is by
definition the kernel of the equilibrium matrix A. Thus, this
vector space can be used to generate a convenient self-
stress state able to fulfill all the rigidity and stability design
requirements [14].

Because the behavior of tensegrity system is subject to
several sources of non linearity, mainly due to the unilateral
behavior of cables and second order transverse rigidity in-
duced by normal forces, particular precautions must be
taken in the global analysis, which is often delicate with
conventional structural analysis codes. To do so, advanced
computation software [14] have to consider rest length state
variables, geometric second order terms in the rigidity ma-
trix of elements, slackening of cables and implement non-
linear schemes like Newton-Raphson.

3. Analysis using a dynamic model

Actually, if we accept to simplify the angular momentum of
bars and to neglect their flexibility by concentrating masses
to the nodes, tensegrity systems can be viewed as a set of
masses interconnected by tensed or compressed elements,
which corresponds to a discrete mass-spring system. Thus,
these systems fall in the range of applications of discrete
elements methods in which equations of motions can be
integrated using calculation schemes that allows the com-
putation of trajectories for systems with complex interac-
tions and behaviors.

3.1. Dynamic simulation

In our approach, tensegrity systems are defined by nodes
and elements entities. Their dynamics are determined us-
ing an explicit fourth order Runge-Kutta (RK4) time integra-
tion scheme. This method, which is a classic in numerical
simulations, is easy to implement while providing high per-
formance. The system is defined kinetically by its dynamic
state X(t), which is the sets of the positions and the speeds
of the nodes (equ. 2) at a given time t.

  (2)

During the RK4 processing, the dynamic state X(t) is suc-
cessively computed from the combination of firstorder de-
rivatives of the state of the system X'(t) = f(X,t), which rely
actually on the determination of forces to the nodes (equ.
3).

  (3)

The structure of the system is defined by the set of ele-
ments, associating two node's indices and a rest length.
Their mechanical behavior is explicitly defined in the calcu-
lation of normal efforts from the knowledge of their dynamic
state and of their rest length. In our case, we use a Kelvin-
Voight model with a bilateral behavior using two distinct
young's modulus E for traction and compression (figure 3).

Figure 3: Generic rheological model of elements

In figure 3, Ai is the cross section, Li(X,t) and Li,rest are
respectively the actual and rest length, and ci the damping
factor for the element i. This approach potentially allows,
using threshold values, to simulate plasticity by modifica-
tion of the rest length or local rupture. Actually, the imple-
mentation of others rheological behaviors or interactions
between entities are only limited by the possibilities of trans-
lating them as forces to

Interactive Design and Dynamic Analysis of Tensegrity Systems
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the nodes or structural modifications. For convenience and
rigorous modeling of structures using many regular ele-
ments in the manner of Building Integrated Models ap-
proaches [15], nodes and elements are associated to a
class number, or family, for which all the shared physical
properties like cross section area A, young's modulus E,
mass density or more are described.

3.2. Visualization and interactions

The simulation program presented in this paper, designated
as "ToyGL", is based on the C++ GLUT libray, which allows
running the simulation computations in parallel to a visual-
ization of the structure using OpenGL with possibilities of
user inputs using mouse and keyboard (figure 4).

Figure 4: General architecture of the simulation program

In addition to adjusting global simulation parameters, the
user is also allowed to change the structure, by adding or
removing selected elements or to adjust their properties
and rest length. With these tools, one can build from noth-
ing or modify an existing virtual structure in real time. The
architecture of this program allows applying special behav-
iors after each time step calculation. In our case, a dynamic
relaxation algorithm is implemented in order to cancel nodes
speed when reaching local maximums of kinetic energy,
which provides an artificial damping for accelerating the
convergence towards a stationary state in form-finding pro-
cesses or quasi-static analyses. To illustrate the possibili-
ties of this approach, we present in the following some ap-
plications in design, analysis, kinematic study and robust-
ness test.

4. Interactive design

In this first example, we present the construction of a sim-
plex module, a three bar regular tensegrity system. Elements
are made of steel, with a Young's modulus of 210 000 MPa
and mass density of 7 850 kg/m3 while each nodes weights
1 kg. The cross section area of cables is 1 cm2 and that of
bars is 5 cm2.

The different steps of construction are illustrated in figure 5.
Starting from a simple node, upper layer cables are cre-
ated in the shape of a triangle. Then, nodes are moved
upward and restrained in order to keep the layer in shape.
Then, vertical cables are created and let hanged under grav-
ity load. The lower layer and the bars are added next, lead-
ing in step 6 to a finalized tensegrity module. An additional
step allows obtaining a regular module by setting rest length
to the homogenous values of 1 m for cables and 1.47 for
bars, which leads to a final regular selfstress state that ex-
hibits credible admissible normal stress levels of 90.8 MPa

Figure 5: Virtual construction process of a simplex module

in layer cables, 157.4 MPa in lateral cables and 46.2 MPa in
struts.

In this example, the elements have realistic dimensions and
are made of stiff material so the structure is very rigid. Thus,
the timestep dt of the explicit integration scheme has to be
adapted to avoid numerical instabilities. A typical rule is to
take dt as a fraction of the highest vibration mode
period Tmax :

            (4)

where mmin is the minimum node's mass in the system
and kmax the maximum axial rigidity that can be estimated
as the cumulative stiffness of converging elements to the
more connected node. In our case, by considering the un-
favorable case of two opposite bars converging to a 1 kg
node, we find a Tmax of 0.5 ms, which validates the choice
of a 0.1 ms timestep for this particular problem.

5. Real-time remodeling

In addition to creating realistic structures, another design
possibility is by remodeling an existing system that can be
generated beforehand using different approaches, either
graphically using a CAD software or programmatically [16].
Applying changes to rest lengths or editing elements cat-
egories lead then to potentially interesting derived geomet-
ric configurations. At the same time, the effects on the sta-
bility of the system are instantly noticeable and indicators
on the selfstress state can help to do adjustments that are

Figure 6: Geometric transformation of a tensegrity beam (a) and a
plane grid (b)

Interactive Design and Dynamic Analysis of Tensegrity Systems
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necessary to balance the distribution of normal forces to-
ward acceptable levels.

To illustrate this, we present example structures formed by
an assembly of 4-bars "quadruplex" tensegrity modules,
shaped as cubes with a side of 1 m. The material charac-
teristics remain that of the first example in order to exhibit
realistic structures. The first example is a 10 modules beam
simply supported on both ends (figure 6.a) in which curva-
ture is induced by a 5 cm shortening of the lower layer of
cables. Because the selfstress state is largely perturbed by
this change, upper cables are relaxed by increasing their
rest length of 33 mm in order to obtain realistic normal ef-
fort levels. In the end, the beam became an arc with a cam-
ber of 1120 mm stabilized by a selfstress state whose val-
ues range from 16.4 kN in compression to 22.2 kN for the
more tense cable. Applying the same principle but between
the two lower longitudinal cable lines, we can generate an
arc in the horizontal plane. We present also in figure 6.b the
case of a plane grid becoming a spatial barrel vault.

6. Validation on a static analysis case

Beyond the design possibilities, the approach of tensegrity
systems using dynamic simulation presented in this paper
allows a large range of analysis. Since stationary state is a
particular case of dynamic motion, quasi-static analyses
can be achieved using a dynamic relaxation mechanism
that accelerates the convergence toward a static equilib-
rium.

Figure 7: Quasi-static analysis results

To illustrate and validate this process, the tensegrity beam
presented in figure 6 is taken as an application in a com-
parison between different codes. A selfstress state is given
to the generated structure by a shortening of the cables
joining the upper to the lower layer by 1 mm. This structure
is simply supported at its ends and loaded with a vertical
force of 100 N at each lower node (Figure 7). The results
exhibit a rather sane behavior. Indeed, the level of selfstress
increases in every element under the external load in con-
formity with their nature. This means that no cable slacken-
ing can happen and that the initial shape is that of mini-
mum internal energy. Values from the displacements and
selfstress are compared to those obtained from two other
codes : Tensegrity 2000 (T2000), dedicated to tensegrity
systems [14], and CAST3M, a general purpose research
calculation code [17].

We can see in figure 8 that the differences on the final ge-
ometry and the selfstress state are very small when com-
pared to T2000, which validates the proposed approach
for this kind of analysis. Though, results from the CAST3M
code differs more sensibly, which raises the difficulties in
adapting a general code to all the mechanical qualities of
tensegrity systems. Besides, if we look at the computation
times, this method appears very competitive as a motion-
less equilibrium state can be reached within 1 to 2 seconds
on a standard notebook computer in the case of this simple
structure.

7. Kinematic study

A domain for which the dynamic simulation is particularly
adapted is the analysis of mechanisms and kinematics,
especially in the case of deployable structures. Indeed, the
global stability must be studied for all intermediate geo-
metric configurations and complex interactions, like con-
tact, have to be considered. In addition, the actuators and
devices that induce movements can be properly simulated
with this approach. To illustrate this, we present in figure 9
the folding of the previously defined tensegrity beam formed
by 10 quadruplex modules. Special behaviors are imple-
mented in order to simulate active routing cables [18] that
are passing thru several nodes along the structure, and to
implement contact between elements.

Figure 8: Comparison with T2000 and CAST3M codes

Figure 9: Folding steps of a 10 modules tensegrity beam

The shortening of the two continuous longitudinal cables in
the lower layer controls the folding process presented in
figure 9 that leads to a contraction to 25% of the initial length.
Though, in the folded state, the selfstress state exhibits high
normal forces values, which can't be realistic and have to
be considered by relaxing upper cables during the process
or using softer elements but with consequences on the static
behavior.

8. Structural robustness

The dynamic approach presented here is also perfectly
suited to study the effects of transitory loads or local fail-
ures. In figure 10, we present the qualitative results of simu-
lated rupture in several sets of cables of the 10 modules

Interactive Design and Dynamic Analysis of Tensegrity Systems
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tensegrity beam presented earlier, with colors illustrating
the normal forces levels.

Figure 10: Evolution of the tensegrity beam under different local
cable failure scenarios

These results confirm that failures in cables A-B (vertical
cables) and C (lower layer) induce systematically a collapse
of the structure. However, upper layer cables are less sen-
sible and we observe that the system remains stable even
after several upper cables failures, which provokes a van-
ishing of the local selfstress states associated to the con-
cerned modules. Although we observe an appreciable ro-
bustness of the tensegrity beam, its stability still depends
on the existence of a few components that are to be de-
signed with higher exigencies.

Conclusions

We presented in this paper an explicit dynamic model and
its use as a versatile method for the design and analysis of
tensegrity systems. Because these systems are assimilated
to discrete mass-spring systems, the simulation of their
dynamic behavior can be implemented efficiently. Associ-
ating the calculations with an interactive visualization inter-
face, it become possible to create and modify structures in
real time, with a direct feedback on their behavior. This ap-
proach opens new possibilities, tending toward a more
physically-based design, but also giving access to tradi-
tionally complex analysis, such as the assessment of kine-
matic solutions for deployment or structural robustness
under accidental local failures.

The perspectives offered by this approach are vast. For in-
stance, creep and thermal effects can be implemented in
the local behaviors of elements, which may enrich the analy-
sis range and the prediction of selfstress loss in the long
term. This dynamic model can also be used in parallel with
experimental vibration analysis to identify material param-
eters such as damping or to validate active control strate-
gies [19][20] on lightweight tensegrity structures. This model
can also be extended with the implementation of semi-rigid
joints between bars, which may open to the study of flex-
ible structures. Proof of its high flexibility, a version adapted
to biomechanics is actually used for the simulation of living
cells.
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Recent Development in Design of Stress
Ribbon Pedestrian Bridges

Summary

Stress-ribbon bridges consist of very slender concrete deck
segments placed over bearing cables in the shape of a
catenary. These bridges are characterized by successive
and complementary smooth curves that blend into the en-
vironment. A disadvantage of the classical stress-ribbon
type structure is the need to resist very large horizontal
forces at the abutments, which determines the economy of
that solution in many cases. For that reason, two new self
anchored structural systems that combine the stress-rib-
bon with the arches have been developed. In the first one
the stress ribbon is supported by an arch, the second one
combines a curved stress ribbon with a curved flat arch.

Keywords

stress ribbon, flat arch, external cable, precast segments,
plan curvature, progressive erection.

Theme

development - design - analysis - construction - testing

1. Introduction

Stress-ribbon bridges consist of very slender concrete deck
segments placed over bearing cables in the shape of a
catenary. Prestressing the deck segments stiffens the struc-
ture, providing stability to the cables. These bridges are
characterized by successive and complementary smooth
curves - see Fig. 1.

The curves blend into the environment and the curved
shape, the most simple and basic of structural solutions,
clearly articulates the flow of internal forces. The main ad-
vantage of these structures is their minimal environmental
impact because they use very little material and can be
erected without falsework or shoring, which could disturb
the natural environment. Because there are no bearings or
expansion joints, the bridges require only minimal long-term
maintenance. The bridges built in the Czech Republic and
in the USA were discussed in a paper presented at the In-
ternational Bridge Conference in Pittsburgh in 1999 [1].
Problems connected with the design and construction of
the stress-ribbon structures and a survey of such bridges
built all over the world is presented in [2].

Jiri Strasky1

Usually the deck of stress ribbon structures is assembled
of precast segments of a double tee cross section that is
stiffened by diaphragms at joints. The bearing and pre-
stressing cables are situated in troughs made in edge gird-
ers [2]. Local bending moments that originated in the stress
ribbon deck near supports are resisted by a cast-in-place
saddles designed as partially prestressed members.

An excellent example of this type of the structure is the Lake
Hodges Pedestrian Bridge recently completed in San Di-
ego - see Figs. 1. This, so far the longest stress ribbon
bridge, has three continuous spans of equal span length of
100.58 m. The sag in all spans is 1.41 m [4].

Experience with performance of bridges built so far and
parametric dynamic analyses have proved that the stress
ribbon deck can be even lighter. Therefore we have devel-
oped a new type of the cross section formed by slender
slab that is carried and prestressed by external cables -
see Fig. 2.

The stress ribbon is assembled of precast segments from
high strength concrete; the external cables are formed by
monostrands that are lead in stainless pipes. At supports,
the pipes are composite with the stress ribbon deck and
create a composite member that is able to resist a positive
bending moment originating there - see Fig. 3.

Figure 1: Lake Hodges Pedestrian Bridge

2. Stress Ribbon Bridges Supported or
Suspended on Arches

A disadvantage of the classical stress-ribbon type struc-
ture is the need to resist very large horizontal forces at the
abutments, which determines the economy of that solution
in many cases. For that reason, a new system that com-
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bines an arch with the stress-ribbon has been developed.
The stress-ribbon is supported or is suspended on an arch
- see Figs. 4 and 5. The structures form a self-anchoring
system where the horizontal force from the stress-ribbon is
transferred by inclined concrete struts to the foundation,
where it is balanced against the horizontal component of
the arch.

Figure 2: Segments on external cables

The stress-ribbon structure supported by the arch was care-
fully analyzed and tested at the Brno University of Technol-
ogy. Then the studied system was applied to a design of
four bridges that have been built in the Czech Republic. A
stress-ribbon structure suspended on two inclined arches
was applied in the design of the 92-meter-long McLoughlin
Bridge built in Portland, Oregon.

1.1 Structural system

The development of the self-anchored stress-ribbon struc-
ture supported by an arch is evident from Fig. 4. It is clear
that the intermediate support of a multi-span stress-ribbon
can also have the shape of an arch (see Fig. 4a). The arch
serves as a saddle from which the stress-ribbon can rise
during post-tensioning and during temperature drop, and
where the center "band" can rest during a temperature rise.

In the initial stage, the stress-ribbon behaves as a two-span

Figure 3: Stress ribbon & Pier table

Figure 4: Stress ribbon supported by arch

Fig. 5: Stress ribbon suspended on arch

cable supported by the saddle that is fixed to the end abut-
ments (see Fig. 4b). The arch is loaded by its self weight,
the weight of the saddle segments and the radial forces
caused by the bearing tendons (see Fig. 4c). After post-
tensioning the stress-ribbon with the prestressing tendons,
the stress-ribbon and arch behave as one structure.

The shape and initial stresses in the stress-ribbon and in
the arch can be chosen such a way that the horizontal forces
in the stress-ribbon HSR and in the arch HA are the same.
It is then possible to connect the stress-ribbon and arch
footings with inclined compression struts that balance the
horizontal forces. The moment created by horizontal forces
HSR.h is then resisted by the ?V.LP. In this way a self-an-
chored system with only vertical reactions is created (see
Fig. 4d).

It is also obvious that the stress-ribbon can be suspended
from the arch. It is then possible to develop several self-
anchored systems - see Fig. 5. Fig. 5a shows an arch fixed

Recent Development in Design of Stress Ribbon Pedestrian Bridges
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at the anchor blocks of the slender prestressed concrete
deck. The arch is loaded not only by its self weight and that
of the stress-ribbon, but also with the radial forces of the
prestressing tendons. Fig. 5b shows a structure that has a
similar static behavior as the structure presented in Fig. 4d.
Fig. 5c shows a similar structure in which the slender pre-
stressed concrete band has increased bending stiffness in
the portion of the structure not suspended from the arch.

1.2 Model test

The author believes that a structural system made up of a
stress-ribbon supported by an arch increases the potential
application of stress-ribbon structures. Several analyses
were undertaken to verify this. The structures were checked
not only with detailed static and dynamic analysis, but also
on static and full aeroelastic models. The tests verified the
design assumptions and behavior of the structure under
wind loading that determined the ultimate capacity of the
full system.

Figure 6: Static model - cross section

Figure 7: Ultimate load

The model tests were done for a proposed pedestrian bridge
across the Radbuza River in Plzen, Czech Republic. This
structure was designed to combine a steel pipe arch hav-
ing a span length of 77 m and the deck assembled of pre-
cast segments. The static physical model was done in a
1:10 scale. The shape is shown in Figs. 6 and 7. The test
has proved that the analytical model can accurately de-
scribe the static function of the structure both at the service
and ultimate load. Results of the tests were utilized in a
design of following structures.

1.3 Olomouc Pedestrian Bridge, Czech Republic

The bridge crosses expressway R3508 near a city of

Olomouc. The bridge is formed by a stress-ribbon of two
spans that is supported by an arch (see Fig. 8). The stress-
ribbon of the length of 76.50 m is assembled of precast
segments 3.00 m long supported and prestressed by two
external tendons (see Fig. 9). The precast deck segments
and precast end struts consist of high-strength concrete of
a characteristic strength of 80 MPa. The cast-in-place arch
consists of high-strength concrete of a characteristic
strength of 70 MPa. The external cables are formed by two
bundles of 31-0.6" diameter monostrands grouted inside
stainless steel pipes. They are anchored at the end abut-
ments and are deviated on saddles formed by the arch
crown and short spandrel walls. The steel pipes are con-
nected to the deck segments by bolts located in the joints
between the segments - see Fig. 2. At the abutments, the
tendons are supported by short saddles formed by cantile-
vers that protrude from the anchor blocks. The stress-rib-
bon and arch are mutually connected at the central of the
bridge. The arch footings are founded on drilled shafts and
the anchor blocks on micro-piles. Although the structure is
extremely slender, the users do not have an unpleasant feel-
ing when standing or walking on the bridge. The bridge
was built in 2007

Figure 8: Elevation

Figure 9: Completed structure
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1.4 Pedestrian Bridge across the Svratka River in
Brno, Czech Republic

Another such bridge was built across the Svratka River in a
city of Brno, Czech Republic. Close to the bridge an old
multi span arch bridge with piers in the river is situated. It
was evident that a new bridge should also be formed by an
arch structure, however, with bold span without piers in the
river bed. Due to poor geotechnical conditions, a traditional
arch structure that requires resisting of a large horizontal
force would be too expensive. Therefore, the self anchored
stress ribbon & arch structure represents a logical solution
- see Fig. 10.

Figure 10: Completed bridge and elevation

Since the riverbanks are formed by old stone walls, the end
abutments are situated beyond these walls. The abutments
are supported by pairs of drilled shafts. The rear shafts are
stressed by tension forces, the front shafts are stressed by
compression forces. This couple of forces balances a
couple of tension and compression forces originating in the
stress ribbon and arch. The arch span L = 42.90 m, its rise
f = 2.65 m, rise to span ration f/L = 1/16.19. The arch is
formed by two legs that have a variable mutual distance
and merge at the arch springs. The 43.50 m long stress-
ribbon is assembled of segments of length of 1.5 m. In the
middle portion of the bridge the stress ribbon is supported
by low spandrel walls. The stress ribbon is carried and pre-
stressed by four internal tendons of 12 0.6" dia monostrands
grouted in PE ducts. The segments have variable depth
with a curved soffit. The stress-ribbon and the arch were
made from high-strength concrete of the characteristic
strength of 80 MPa.

Although the structure is extremely slender, and first bend-
ing frequencies are close to 2 Hz, the users do not have an
unpleasant feeling when standing or walking on the bridge.
The bridge was built in 2007.

1.5 McLoughlin Boulevard Pedestrian Bridge,
Portland, Oregon, USA

The McLoughlin Boulevard Pedestrian Bridge (see Fig. 12)
is a part of a regional mixed-use trail in the Portland, Or-
egon metropolitan area. The bridge is formed by a stress-
ribbon deck that is suspended on two inclined arches. Since
the stress- ribbon anchor blocks are connected to the arch
footings by struts, the structure forms a self-anchored sys-
tem that loads the footing by vertical reactions only (see
Fig. 5c). The deck is suspended on arches via suspenders
of a radial arrangement; therefore, the steel arches have a
funicular/circular shape.

Figure 11: Suspension of the deck

The stress-ribbon deck is assembled from precast seg-
ments and a composite deck slab. In side spans, the seg-
ments are strengthened by edge composite girders. The
deck tension due to dead load is resisted by bearing ten-
dons. The tension due to live load is resisted by the stress-
ribbon deck being prestressed by prestressing tendons.
Both bearing and prestressing tendons are situated in the
composite slab. The bearing tendons that were post-
tensioned during the erection of the deck are formed by
two bundles of 12 by 0.6" diameter strands that are pro-
tected by the cast-in-place slab; deck prestressing tendons
are formed by six bundles of 10 by 0.6" diameter tendons
that are grouted in ducts.

Edge pipes and rod suspenders make up part of the simple
hanger system - see Fig. 11. The suspenders connect to
"flying" floor beams cantilevered from the deck panels to
provide the required path clearance. The edge pipes con-
tain a small tension rod that resists the lateral force from
the inclined suspenders on the end of the floor beams. Grat-
ing is used to span the gap between the edge pipe and the
deck panels. Construction of the bridge commenced in
March, 2005, and was completed in September, 2006.

3. Curved Stress ribbon & Flat arch bridges

Recently, several noteworthy curved pedestrian bridges,
which decks are suspended on their inner edges on sus-
pension or stay cables, have been built. However, curved
stress ribbon and/or flat arch bridges have not been built
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so far. Therefore we have decided to study these structures
analytically and verified their function on a static model.

The above curved structures have to be designed in such a
way that for the dead load there is no torsion in the deck.
One possibility is to supplement the deck with stiff L shaped
members and suspend the deck at their top portions. The
cable geometry has to be designed in such a way that sus-
penders or stay cables direct to the deck's shear centers.
This approach was also used in a design of our stress rib-
bon structure - see Fig. 13. The structure is formed by slen-
der deck that is supplemented by steel L frames support-
ing the slab. The tops of their vertical portion are connected
by steel pipes in which the strands are placed. Radial forces
originating in the strands during their post-tensioning load

Figure 13: Curved stress ribbon

the structure - see Fig. 13b. The vertical components of
these radial forces balance the dead load - see Fig. 13c,
the horizontal components balance the dead load's torsional
moment and load the structure by horizontal radial forces -
see Fig. 13d. Since the stress ribbon is fixed into the abut-
ments, these forces create uniform compression in the deck.

Our design has been developed from the above approach.
However, for resisting of the effects of the live load, we have
to add additional cables that have very complicated arrange-
ment. Therefore we have decided to add a torsionally stiff
member of the pentagon cross section. Resulting arrange-
ment of the structure is evident from Figs. 14. The curved
pedestrian bridge of the span of 45 m is in a plan curvature
that in pathway's axis has a radius of 45 m. The maximum
longitudinal slope at the abutments is 7%. Both the con-
crete slab and the steel girder are fixed into the anchor
blocks. The external cables are situated in the handrail pipe
and are anchored in end concrete walls that are fixed into
the anchor blocks. Horizontal forces are resisted by bat-
tered micropiles - see Fig. 15a.

The detailed static and dynamic analyses have proved that
the structure is able to resist all design loads. The first bend-
ing frequency is f1 = 1.437 Hz. The forced vibration done

Figure 14: Stress ribbon & arch structure

Figure 12: Completed bridge
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Figure 15: Stress ribbon & arch structure

according to [3] has caused maximum acceleration amax
= 0.578 m/s2 that is close to allowable acceleration alim =
0.589 m/s2. Therefore we propose using two dampers, to
be sure the pedestrians would not have an unpleasant feel-
ing when standing or walking on the bridge.

Figure 16: Stress ribbon & arch structure

The function of the studied structure was verified on a static
model built in the scale 1:6 - see Figs. 17 and 18. To reduce
the longitudinal horizontal force, the curved stress ribbon
was tested together with a structure formed by a curved flat
arch of a similar arrangement. It is evident that actual struc-
ture can be built similarly. The horizontal force from the stress
ribbon can be balanced by the horizontal force originating
at the flat arch - see Fig. 15b. In this way a very economic
structural system can be created. The analyses according
to [3] have proved that the dynamic behavior of the curved
flat arch is similar to the curved stress ribbon structure; the
first bending frequency f1 = 1.437 Hz.

To simplify construction of the model, the steel box of the
stress ribbon and flat arch was substituted by steel pipe
that were fixed into the end anchor blocks. The steel pipes
were produced with steel L shaped members. Their hori-
zontal part supported the concrete slab; their vertical parts
supported steel pipes in which the monostrands were
placed.

To guarantee a model similarity, the curved steel pipes and
transverse L members were loaded by concrete block and
steel rods representing the self weight of the structure. This
load was suspended on the steel structure. The live load
was represented by additional concrete block and cylin-
ders placed on the stress ribbon deck.

The construction of the model was carefully monitored. The
structure was tested for 2x3 positions of the live load (see
Fig. 17) and for the ultimate load (see Fig. 18). The live load
was situated on the left side, right side on the whole length
of the deck. The measured deformations and strains were
in a good agreement with the results of the static analysis.
At the end, the model was loaded by an ultimate torsional
load that was situated along whole length of both struc-
tures. The both structures proved that have a sufficient
margin of safety.

Figure 17: Model test - Service load

Figure 18: Model test - Ultimate load

Conclusions

The continuous development of the stress ribbon structures
is being done at the Faculty of Civil Engineering of the Brno
University of Technology with a collaboration of engineer-
ing firm Strasky, Husty and Partners, Brno. The design of
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the bridge utilized results of the research projects of the
Czech Ministry of Industry FI - IM5/128 "Progressive Struc-
tures from High-performance Concrete". Paper originated
with the financial support of the Ministry of Education, Youth
and Sports of the Czech Republic, project No. 1M0579,
within activities of the CIDEAS research centre.
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Solar Updraft Power Plants and Solar
Chimneys (Power Towers)

Abstract

The present lecture will start with an explanation of the work-
ing principles of Solar Updraft Power Plants, in which Power
Towers form the huge central chimneys as air pressure sinks.
It then elaborates on the loadings of these dominating RC
shell structures, detailing the wind load as the dominating
action. After this, we change to response characteristics of
power towers, followed by their essential design principles.
Further, vibration modes and instability phenomena are
explained, and the non-linear structural response behavior
- materially and geometrically combined - is exemplified as
indicator for determination of failure limit states of such struc-
tures with design-service-lives of around 100 years. After
mentioning the favorable electricity costs we close with fur-
ther advantages of solar updraft power plants compared to
other renewable energy sources.

Keywords

RC shell structures, renewable energies, high-rise towers,
shell instabilities, shell dynamics.
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1 Introduction: What are Solar Updraft Power
Plants?

Solar Updraft Power Plants (SUPPs) like in Figure 1 form
the most sustainable and economic resources for natural
electric power generation in arid zones, presently known.
They work free of CO2-emissions, using solar irradiation as
fuel. The CO2-footprint from plant construction and opera-
tion delivers 10 to 20 g CO2/kWh of produced electricity,
depending on the plants' design-service-lives. (Modern coal
power plants produce around 750 g CO2/kWh). The lev-
eled electricity costs drop down below unbelievable 10 €ct/
kWh.

Their general working concept is illustrated in Figure 2
(Schlaich [8]). Such power plant essentially consists of the
collector area (CA), the turbo-generators as power conver-
sion units (PCUs), and the solar chimney (SC). In the CA, a
large glass-covered area, solar UV-irradiation heats the

Wilfried B. Krätzig1; Martin
Graffmann 2, Reinhard Harte 3,

Ralf Wörmann 4

collector ground as absorber and consequently warms up
the air inside the collector, which streams towards its cen-
ter. There, in the PCUs, the kinetic energy of the permanent
stream of warm air is partly transformed into electric power.
Source of the gain of kinetic energy is the uplift of the warm
air in the huge SC, the power tower, creating a pressure
sink at the PCUs' outlet. The updraft in the SC is roughly
spoken proportional to the tower height.

Such SUPPs are supposed to deliver sufficient efficiency in
locations with high solar irradiation of more than 2.0 MWh/
m2a, valid in the earth's sun-belt between ±35° latitude.
The efficiency of a SUPP there depends on the size of the
CA (air temperature) and on the height of the SC (air pres-
sure difference): A plant with CA diameter of 7.000 m and
with SC height of 1.500 m is estimated to deliver a maxi-
mum electric power output of about 400 MWp, on mid-days
in summer time. For a smaller SUPP in the KALAHARI desert
in South Africa, the power output over 24 hours for different
months of the year is shown in Figure 3 (Pretorius [6]).

Figure 1: Computer vision of solar updraft power plants

From this typical power output curves of SUPPs we observe,
that obviously this power generating technique possesses
a natural storage property: It also delivers electric power
after sun set. This heat storage property can be extended
by various technical means - a horizontally separated CA
or controllable water storage devices - such that SUPPs
can serve base load power as well as peak load one
(Pretorius [6]).

Solar updraft power generation was first proposed in 1903
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Figure 2: Schematic solar upwind power plant

Figure 3: Power output of SUPP from summer to winter seasons

by the Spanish officer I. CABANYES. Starting in 1982, the
German engineering professor J. SCHLAICH constructed
the first experimental SUPP with a 200 m high SC, a 240 m
wide CA, and a maximum power output of 50 kW in
MANZANARES/SPAIN, see Figure 4. SCHLAICH's team
operated this plant very successfully for more than 7 years,
such that the basic data source for this modern type of
power generation stems from the 1990s (Schlaich [8]). Re-
cent aspects of SUPPs are summarized in (Schlaich et al.

[7]), actual ones in (Wikipedia: Solar updraft towers) includ-
ing a discussion of their pros and cons. In spite of the men-
tioned predominantly positive experiences with the
MANZANARES experimental plant, regrettably no profes-
sional SUPP has ever been erected up to now.

Figure 4: J. Schlaich's SUPP prototype from 1982 at Manzanares/
Spain

Figure 5: From the world-highest Natural draught cooling tower to
pre-designs of future SUPPs

2 Loadings of power towers

Characteristic landmarks of SUPPs as in Figure 1 and 5 are
the huge central SCs or power towers. Depending on the
planned power output, they are designed as thin RC shell
reaching to enormous heights, as Figure 5 elucidates. Such
thin shell structures are loaded by the following load
actions:

l dead weight D,

l Wind loading W,

l Temperature effects T from arising production states of
the plant,

l Earthquake excitations E in case of seismically sensi-
tive plant locations,

l Soil settlements S of external origin, unfavourably to SCs
because of their considerable size,

l Construction loads M from guys of the central top-
slewing crane serving the construction site on tower top,
from additional deposit platforms, from elevators for
material and personal transportation, or from anchor-
ing of the self-climbing scaffold and formwork.

Due to the enormously planned heights of SCs (Figure 5),
the wind actions form by far the most significant loading
element in the tower design. Wind loading consists of the
external pressure distribution We

                                     (1)

and the internal suction Wi

wi = si = cpi·qb(H). (2)

Solar Updraft Power Plants and Solar Chimneys (Power Towers)



December 2011  |  Journal of SEWC 35

In (1), cpe(O) abbreviates the normalized pressure distri-
bution over the circumference O, R the dynamic amplifica-
tion, and qb(z) the design wind pressure over height z. In
(2), cpi stands for the internal suction coefficient and qb(H)
for the stagnation pressure on tower top.

The wind structure above  250 m, especially the stochastic
modelling of its gustiness, is rather unknown in their prop-
erties as loading element. For a first attempt, qb(z) can be
taken as the envelope of the maximum velocity pressure
values over tower height. Such approximation will overesti-
mate the wind actions because of the gustiness, a stochastic
loading process in time and space. As remedy to overcome
this uncertainty, we prefer experimental measurements in
boundary layer wind-tunnels, in which the wind-flow are
modelled with the same statistical mean values as in na-
ture. The great importance of a correct understanding of
the wind gustiness for a safe tower design can be visual-
ized from the vibration properties in Figures 10, 11 with se-
vere interactions of membrane and bending vibrations [van
Koten et al. [2]).

3. Typical response characteristics and design
consequences

Figure 6 represents a pre-design of Kratzig & Partners Con-
sultant Engineers, a SUPP with a power tower of 1 000 m of
height. Combined with a collector of 6 000 m of diameter
this plant shall produce a peak power of 200 MWp (equal
to an annual work of  600 GWh/a) for 2.240 MWh/m2a of
solar irradiation. At the tower waist at 400 m of elevation its
shell diameter is 133 m wide, at the upper rim 145 m. Below
400 m the tower shell widens in a strength-optimized hy-
perbolic shape to a foot diameter of 260 m. The wall thick-
ness of the highperformance RC 70/85 varies from 0.25 m
to 0.65 m, as plotted in Figure 6 on the right. In addition to
the upper edge member, 9 intermediate and pre-stressed
RC ring-stiffeners are fixed on the outer shell face.

16 turbo-generators deliver the plant power, they are placed
directly on the tower foundation around the footing perim-

Figure 6: SUPP with SC of 1 000 m of height for a 200 MWp solar
plant

eter, to reduce air inflow losses and avoid differential settle-
ments between machinery and tower (Backstrom et al [1]).
The foundation itself is constructed as a closed ring of
around 20 m of breads, depending of the soil conditions.

The lower widening of the shell from 130 m in the throat to
260 m at the base serves two important purposes:

a) it provides the space for the guide vanes in the SC, fab-
ricated of Teflon-coated glass-fiber membranes, to take care
for an injection of the warm air with a minimum of losses,
and

b) it reduces strongly the wind shear stress between the air
inlets by suitable meridional shape optimization. But such
shaping of the shell alone would never deliver an economic
tower design. In addition, the shell structure requires the
mentioned strong ring-stiffeners in order to constraint the
meridional wind forces from shell-like distributions towards
beam-like ones, and to guarantee a sufficient buckling safety
of the SC.

Figure 7. Distribution of meridional wind forces at 280 m of elevation
for the 1 000 m tower with different ring stiffness

First attempts of this tedious optimization process are shown
in Figure 7. There several distributions of meridional wind
forces at 280 m of tower height are plotted in dependence
of the varying equal stiffness of all 9 applied ring beams.
The reference (single) beam stiffness belongs to a cross-
section of 0.40 m   3.00 m, increasing from top of Figure 7
to below over 3-fold, 10-fold finally to 100-fold values. In
this Figure one observes, how the wind force distributions
approach the cosine-shaped optimum of beam-like
stresses. With these changes likewise the maximum ten-
sion stresses are reduced, which are chiefly responsible
for most of the meridional reinforcement in the tower wall.

Figure 8 elucidates the same optimization process for the
selected tower, plotting the maximum tension forces from
wind load n22W against the tower height. Compared to the
(negative) dead load forces -n22D one observes, how the
tension stresses can be minimized by increase of the ring-
stiffness, likewise the amount of meridional reinforcement
is reduced, an important cost argument. So finally we ac-
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centuate, that any global optimization of a power tower
comprises the main global tower dimensions, the meridi-
onal shape of the SC as well as the stiffening rings. Such
cost-optimized designs of SCs are based on rather low shell
thicknesses because of the transportation and built-in costs
of the in situ concrete at great heights. But such savings
require ring-stiffeners of increased stiffness, an enormous
technical construction challenge.

The design of such a SC in Europe clearly is based on the
safety concept of the Euro Codes, especially on EC 2. So it
distinguishes limit states of serviceability and limit states of
failure. The German cooling tower guideline (VGB-610 Ue
[10]) provides valuable supplements for thin shell structures.
Structural analysis and dimensioning are based on large
integrated FE models with around   200 000 dofs, in which
all foundation properties are included because of possible
influences on such large structures (Kratzig et al. [3]). A
real challenge of all detailed design considerations is the
life-durations of power towers of  100 years.

5 Instability and vibration behavior of solar
chimneys

Tower instabilities and tower dynamics require extremely

Figure 8: Maximum wind tension forces versus tower height for
different ring stiffness

Figure 9: First three instability modes of the tower of Figure 6 under
load combination (D+We+Wi)

detailed investigations in the design process. An interest-
ing insight into the load-bearing behavior of power towers
can be gained from those instability modes and their corre-
sponding buckling safeties. For elucidation, the three low-
est modes of the SC from Figure 6 are pictured on Figure 9.
Under the load combination (Dead weight D + External wind
We + Internal suction Wi), structural parts with high com-
pression in the lower third of the tower tend to instability, by
expectation. But instability deformations can also be ob-
served in the shell fields below tower top, there a conse-
quence of the chosen low shell thickness. This behavior
requires strong ring-stiffeners. It should be mentioned that
for construction processes using slip-form-techniques, the
shell thickness there should be increased.

This brief overview on linear instability phenomena gives
evidence to the suspicion that solar towers may be rather
sensitive to random geometrical imperfections in each sec-
tion of their height, which possibly can be built-in during
the construction process of the chimney. Presently detailed
studies hereto are missing, so we recommend as imper-
fection limits the restrictions from the German cooling tower
guideline: Due to this, maximum imperfections shall not ex-
ceed half of the shell thickness at each position (VGB-610
Ue, [10]). To be fair we should emphasize, that this impor-
tant topic for shell instability belongs to those questions,
which are to a high extend presently rather unanswered for
solar towers.

Figure 10: First three natural vibration modes of 1 000 m tower

Further interesting response aspects can be observed from
the natural vibration behavior of power towers, e.g. from
the vibration modes for that 1 000 m SC from Figure 6, plot-
ted on Figures 10 and 11. As well known, any dynamic wind
response can be decomposed into the elements of a func-
tion space containing a closed set of natural vibration modes
as basis, so these mode shapes describe the dynamic
deformation capabilities of a power tower. The lowest vi-
bration mode on Figure 10 obviously characterizes a beam-
like dynamic behavior, the next ones are typical shell-like
deformation. In wind-induced vibrations both types are
coupled, such that membrane and bending shell responses
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Figure 11: Fourth to sixth vibration mode of 1 000 m tower

appear in combined manner. Obviously from those many
sign changes of the shell vibration modes over tower height,
observable especially in Figure 11, we conclude, that there
may appear complicated local vibrations from gust excita-
tions, which renders the dynamic wind response of SCs
unintelligible: Somewhere over the tower height of 1 000 m
there might always be some suitable wind gustiness to ex-
cite the tower shell.

Because of the great tower size, the natural vibration fre-
quencies are extremely low, so they are much more closely
neighbored to the maximum of the VON KARMAN wind
power spectrum than for usual engineering structures. Thus
storm actions with possible local cracking will endanger
these structures more severely, they have to be tackled with
great care and increased safety requirements.

On the other hand, coherent seismic excitations will not lead
to severe stresses, since the natural frequencies are far away
from the maximum of seismic power spectra. If a power
tower is damaged by ageing or deterioration, wind actions
generally will increase (high tuned for wind), while seismic
responses will decrease (low tuned for earthquakes). But
this recognition holds only for coherent (synchronous) seis-
mic excitations. Non-coherent (a-synchronous) seismicity
in contrast may lead to high stresses from travelling waves
in the tower footing, which renders underground conditions
safety-relevant. In addition, the extremely low natural fre-
quencies of SCs determine unmistakably evidence of dan-
ger of kinetic instabilities under wind excitation.

5 Nonlinear tower response

Linear elastic analyses of power towers, treated up to now,
deliver only crude approximations of real failure responses.
This holds also true for their instabilities. Closer to real fail-
ure behavior are non-linear simulations, well suited to the
constitutive behavior of RCs. As well known, this property
results in non-linear responses (material nonlinearity), at
least beyond certain wind-load intensities. Also aging of
the material leads to nonlinear processes, an important
aspect for the intended high life-duration of   100 years. In

addition, in the column-like SC second order effects might
be activated during wind deformation (geometrical non-lin-
earity), so any careful response study of them should com-
prise both kinds of non-linearity.

In contrast to classical linear elastic FE-technology by in-
clusion of material nonlinearities, all applied 2D finite shell
elements need to have at least a virtually layered structure.
This means, that each element GAUSS-point consists of a
chain of integration sub-points, one in each layer. At these
sub-points, on material point level, the constitutive relations
of the material in question including their deterioration com-
ponents have to be coded and numerically evaluated
(Kratzig et al. [4]). The material point level, our lowest mac-
roscopic simulation level, collects all constitutive informa-
tion usually in a complete 3D environment xi: x1,x2,x3. Suit-
able 3D constitutive laws for material components includ-
ing deterioration descriptions because of ageing have to
be described there and then mapped into 2D. Certainly only
those material properties can be incorporated via the com-
puter analysis into the final response, which are included at
this level. For the RC simulations applied here these mate-
rial properties are: nonlinear elastic-plastic  - -behavior for
concrete in compression including material micro-cracking,
leading to stress release in the post-strength range,

l elastic-brittle behavior for concrete in tension with rather
low tension strength leading to macroscopic crack-dam-
age, modeled here in smeared crack manner,

l elastic-plastic material modeling for reinforcement steel,

l nonlinear inelastic bond behavior between steel and con-
crete, limited by inelastic slip damage.

The final FE-analysis follows a multi-level iteration technique
as described first in (Kratzig [5]). For each new load-step,
the iteration starts with a new global vector of out-of-bal-
ance forces, climbing down at each element in each
GAUSS-point via increments of the global degrees of free-
dom, then increments of the element degrees of freedom,
finally to increments of the continuum strains at material

Figure 12: Non-linear tower displacements versus wind-load
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point level. There the coded constitutive laws transform
strain increments into stress ones, after which the path re-
turns back up again to the global structural level for the
next iteration step, with an improved new internal force vec-
tor. Even with very fast PCs, such analyses require rather
intensive computing efforts.

Figure 13: Simulated crack patterns just before failure

By such an analysis technique one can follow a certain load
combination, e.g. D +   We , up to structural failure of the
SC. Figure 12 demonstrates the result for a rather slim 750
m power tower demonstrating a final displacement of 3.60
m at the top, just before failure at a wind-load factor of   =
1.85. This factor is related to the standard wind (  = 1): If
interpreted as global safety factor, it seems just sufficient
for a safe design.

In order to recognize the reasons for the obviously non-
linear response, we record the RC tension strains during
the simulation, interpreting values above tension strength
as cracks with corresponding crack widths. The crack pat-
terns of such simulation are responsible for the non-linear
behavior, in Figure 13 they are shown for the last equilib-
rium state, just before failure. Due to the pre-stressing of
the ring stiffeners, most crackpatterns in the tower shell are
located on luff-side, in the ring-stiffeners on lee-side.

Such cracking studies had been applied in this design to
further reinforce areas with early cracks, in order to increase
systematically failure safety and life-duration of the power
tower. As a whole, non-linear simulations provide excellent
information about the real deformation behavior of SCs, and
about the stress-redistributions under cracking, which en-
able us to achieve very economic and sufficiently safe de-
signs.

6 Summary and outlook on solar updraft power
technology

The present paper offered an overview over some response
and design problems of solar chimneys, the central air pres-
sure motor of solar updraft power plants. As the reader will
agree, these shell structures contain enormous engineer-
ing challenges, solely because of their great height. As just
described, further considerable efforts are required, until
sufficiently safe and economic towers can be constructed.
But looking into the future of SUPPs, they will comprise a
great step in mankind's strive for endurable and sustain-
able supply of electric power. Although their efficiency is
rather low, due to the low temperatures of their working

medium air, SUPPs contain several severe advantages,
compared to other renewable power technologies:

l Despite of relatively high investments, the production
prices for electricity are extremely reasonable: The lev-
eled electricity costs LECs can be pushed down below
0.09 €/kWh.

l The process in question requires no water, neither for
steam formation nor for cooling of the worked-off steam,
so SUPPs are the only plant type employable in arid
areas with typically rare water resources;

l SUPPs possess a natural storage capability of heat,
which easily can be extended to energy-storage for 24
and more hours;

Further important aspects are beyond the described pur-
poses of SUPPs as pure electricity plants. The climate in
the outer collector area favors a use as greenhouse, ideally
for farming and agriculture. Thereby not only additional CO2
can be chemically bounded in the harvested crops, man-
kind can also develop a new important source for food-
supply and survival by SUPPs (Stinnes [9]).
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Performance of High Rise Buildings
under the February 27th 2010
Chilean Earthquake

Abstract

The current practice of seismic design of high rise reinforced
concrete buildings in Chile is reviewed. After the March
3rd1985 Chilean earthquake (Ms 7.8)9,974 residential build-
ings over 3 stories high were built in the central area of the
country affected bythe February 27th 2010 earthquake(Mw
8.8). Of this, 20% had 10 stories or more and an estimate of
3% had over 20 stories up to 52, the tallest at the time of the
earthquake. Statistics indicate 4 buildings collapsed (be-
tween 4 to 18 stories), and about 40 buildings were se-
verely damaged and had to be demolished. This represents
less than 1% of the total number of new residential build-
ings built during this period in the affected area.

These numbers show that shear wall buildings constructed
in Chile performed well.Nevertheless, the earthquake pro-
duced significantstructural damage on somenew high rise
shear wall buildings in Santiago, Viña del Mar, Chillán and
Concepción.

Observed damage was concentrated near the base, on L
or T shape walls, presentingcrushing and spalling of con-
crete and buckling of vertical reinforcement at boundary
regions, extending horizontally deep into the wall length.
Vertically the observed damage only affects a small portion
of the story high. Shear failures at the web were also ob-
served.

This represents an opportunity to draw lessons from the
evaluation of the seismic performance of modern concrete
high rise buildings, designed with modern code provisions,
under a major earthquake event.  As a consequence of the
observed damage, changes have been made in the Chil-
ean Codes. The Concrete design code historically has fol-
lowed ACI 318, with some specific exceptions, but new pro-
visions have been added for the design of special concrete
shear walls.

The most important changes include limits to:

l The level of axial stress allowed.

l The slenderness of the walls.

René Lagos C1

l Spacing of transverse reinforcement.

l Splices in longitudinal reinforcement.

l Amplification of shear forces for design.

Case Studies: Two examples of tall buildings with success-
ful behavior during the earthquake are presented, both lo-
cated in Santiago, Chile:

l Costanera Center Tower 2, a 62 story, 300 meters high
office building.

l Titanium Tower, a 52 story, 192 meters high office build-
ing with dampers as energy dissipation devices.

Subject

Structural& Architectural Design

Action

engineering

Keywords

earthquake - seismic design - high rise buildings - shear
wall - concrete - damage - Chile

1. Introduction

Chile is located in the southern part of South America be-
tween the Andes Mountains and the Pacific Ocean. It has
an average of 200 km wide and4270 km long. Along the
shore lineis the Pacific trench, wherethe Nazca Plate pen-
etrates under the South America Plate generating frequent
subduction type earthquakes usually followed by tsunamis.

On February 27, 2010 a magnitude Mw 8.8
subductioninterplate earthquake impacted the central part
of Chile including the cities of Concepción, Viña del Mar
and Santiago, affecting an area of 500 km long and 200 km
wide, where 40 % of the country population lives. It is the
sixth world largest magnitude earthquake recorded by man-
kind.

Between 1985, when a magnitude Ms7.8 earthquake af-

Performance of High Rise Buildings under the February 27th 2010 Chilean Earthquake



December 2011  |  Journal of SEWC 41

fected approximately the same area of the country, and
2010, 9,974 buildings over 3 stories high were built in this
area according to construction permits issued
(ComitéInmobiliarioCChC). Of this, 20% had 10 stories or
moreand an estimate of 3%had over 20 stories up to 52,
the tallest at the time of the earthquake.

The statistics show that among the engineered buildings,
there were 4 collapses (between 4 to 18 stories), and about
40 buildings were severely damaged and had to be
demolished(ref [1]).This represents less than 1% of the to-
tal number of new residential buildings built in this period,
affected by the earthquake. The rest only suffered
nonstructural damage and in some cases minor reparable
structural damage.

Over 20 stories, there were no collapses. An estimate of
less than 10 buildings presented visible permanent inclina-
tions of around H/300. Some of these have been already
fixed.

These numbers show that shear wall buildings constructed
in Chile performed well. Nevertheless, the earthquake pro-
duced significant structural damage on some new high rise
shear wall buildings in Santiago, Viña del Mar, Chillán and
Concepción. Also important damage on nonstructural com-
ponents was observed.

This represents an opportunity to draw lessons from the
evaluation of the seismic performance of modern concrete
high rise buildings, designed with modern code provisions,
under a major earthquake event.

On buildings, observed damage was concentrated near the
base, on L or T shape walls, presenting crushing and
spalling of concrete and buckling of vertical reinforcement
at boundary regions, extending horizontally deep into the
wall length. Vertically the observed damage only affects a
small portion of the story high. Shear failures at the web
were also observed. Damage in slabs was observed, due
to wall rotation at doorways in upper stories.

Figure 1: Subduction type earthquake, the Nazca Plate moves under
the South American Plate

Figure 2: Geographical area affected by earthquake

Figure 3: New buildings affected by the earthquake

2. High Rise Structural Systems in the Chilean
Practice

High rise buildings in Chile can be classified according to
their use in two main categories: residential and office build-

ings. The main difference is that the later requires large open
spaces in plan, while the first must have partitions for occu-
pant privacy. As a consequence the typical structural sys-
tems adopted are:

2.1. Residential Buildings
(fig. 5)

2.1.1. Floor system: flat concrete reinforced slab. Spans: 5
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to 8 m., thickness: 14 to 18 cm supported on shear walls
and upturned beams at the perimeter.

2.1.2. Vertical and lateral system: concrete shear walls.

2.2. Office Buildings:(fig. 4).

2.2.1. Floor system: Flat post tension slab. Spans 8 to 10m.,
thickness: 17 to 20 cm.

2.2.2. Vertical and lateral system: Concrete shear wall core
and concrete special moment resisting frame (SMRF) at
the perimeter.

Parking facilities for residential and office buildings are al-
ways placed below street level requiring normally several
underground levels offloor space accounting for 30 to 40 %
of the total construction area.

Figure 4: Typical office building  & Typical residential building

Figure 5: Typical residential neigbourhood in Santiago Chile

2.3. Structural Indicators

Several indicators have been widely used throughout the
years in Chile to evaluate the structural characteristics of
buildings and their correlation with successful seismic per-
formance.

Figure 6: Wall Density Indicator for Chilean buildings between years
1950 and 2000

2.3.1. Wall Density Indicator:

Figure 6 illustrate the evolution of this parameter calculated
as the wall area in the first floor on each principal direction
divided by the total floor area above this level (ref. [2]). In
the years shown in figure 6, the average is close to 0.2%. In
the last 10 years, buildings have increased the number of
stories and the quality of concrete used. This has led to a
continuous reduction of the wall density indicator to values
around 0.1% and in cases as low as 0.05%. A wall density
value around 0.1% in each principal direction of the lateral
load system has proven to be adequate to provide suffi-
cient lateral stiffness and resistance for earthquake forces.
The main difference between office and residential build-
ings is that office buildings have shorter wall length and
wider thickness than residential buildings. On residential
buildings it is easy to accommodate long partitions turned
into thin structural walls.

Figure 7: Chilean building database classified by number of floors.

2.3.2. Bio-Seismic Profile

These typologies have been evaluated by Guendelman
(ref.[3])based on the computation of seismic Indicators from
a database of 2622 buildings built in Chile between 1950
and 2009. This methodology proposed by Guendelman has
been called "Bio-Seismic Profile".Post-earthquake field ob-
servations have led to identify the range forthese param-
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eters associated to satisfactory seismic behavior. The com-
putation of the seismic indicators is performed using the
results of the seismic analysis.

2.3.2.1. Stiffness Indicator H / T:

It is the quotient of the Total Height of the building (H) di-
vided by the First Translational mode period of the building
calculated from spectral analysis (T). The units are meters/
sec. which represents a velocity. Historical values (fig.8) are
in the range of 20 - 160 m/sec. Values below 40 m/sec.
apply to flexible mostly frame buildings; values between 40
and 70 m/sec. represent normal stiffness buildings; and
values over 70 m/sec. pertain to stiff buildings. Values of H/
T above 40 usually comply with the code drift limitation of
h/500. This makes unnecessary to account for P-? effects
and have shown adequate seismic performance.

2.3.2.2. Modal Coupling Indicators:

Modal coupling between different modes of vibration usu-
ally result in amplifications in building seismic response. To
minimize this undesirable phenomenon, practice has shown
that when natural periods differ in at least 20% among
them,dynamic amplifications of the response due to modal
coupling are minimized.

2.3.2.3. Structural Redundancy Indicator:

This parameter counts the number of the most relevant re-

Figure 8: Chilean building database showing parameter H/T

Figure 9: Chilean building database showing top displacement vs. H/
T parameter

sisting lines in each principal direction. A number no less
than4 lines on each direction has been considered as ad-
equate.

2.3.2.4. Ductility Demand Indicator or Effective
Spectral Reduction Factor: R**

R** = Elastic Response Base Shear / 1.4 Design Response
Base Shear Values of 4 or less have proven successful
behavior in past earthquakes. Design for values larger than
4 should be investigated with approximated nonlinear analy-
sis such as push-over analysis.

3. Building Code provisions in Chile

3.1. Chilean Code NCh433.Of96has the provisions for de-
sign and analysis methods of high rise buildings under seis-
mic forces:

3.1.1. Type of analysis:

Modal spectrum linear elastic analysis.

Modal damping: 5% of critical damping

Modal superposition method: CQC

3.1.2. Building mass from:

DL + 0.25 LL

3.1.3. Accidental Torsion Analysis:

Accidental eccentricity at level k:

ekx = ± 0.10 by (Zk / H) in the x direction

eky = ± 0.10 bx (Zk / H) in the y direction

3.1.4. Earthquake Load combinations:

1.4 (DL + LL ± E)

0.9 DL ± 1.4 E

3.1.5. Drift limitations:

Interstory drift at Center of Mass δcm ≤ 0.002

Interstory drift at any point i δcm - 0.001 ≤ δi≤ δcm+ 0.001

3.1.6. Base shear limitations:

IA0P/6g≤ Base shear ≤ 0.35SIA0P/g for concrete buildings

3.1.7. Seismic Zoning:
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3.1.8. Types of foundationsoils

3.1.9. BuildingCategory: Importance factor

3.1.10. Design Spectrum: (fig. 10)

Figure 10,Chilean Code NCh433.Of96, Design Spectrum for seismic
zone 3, for soil type I, II and III

4. Damage in R/C buildings in Concepción and
Viña del Mar after the 27-F Earthquake in Central
Chile.

The earthquake presented some unexpected characteris-
tics such as the low frequency content, not seen before in
Chile. This affected considerably the response of high rise
buildings. Records obtained in Concepción by the Univer-

sity of Chile (ref.[4])show high destructive potential and are
similar to others obtained in Viña del Mar and Santiago in
soft soils. The Chilean Code NCh433.Of96 Earthquake Re-
sistant Design of Buildings has been updated recently. The
new acceleration elastic response spectra reflectan incre-
ment in the expected displacements for the maximum con-
sidered earthquake MCE.

The earthquake produced important structural damage in
a number of high rise shear wall buildings in Santiago, Viña
del Mar, Chillán and Concepción. Damage was concen-
trated at the base, onL or T shape walls with compression
failures and buckling in vertical reinforcement at poorly de-
tailed boundary elements. Shear failures at the web were
also observed.

Figures 11 to 14 show typical plan configurations of dam-
aged buildings. The architecture of this buildings present
similar characteristics such as a central corridor with trans-
verse walls of rectangular L or T shape. The walls are con-
tinuous from top to foundation. Atstreet and underground
parking levels the walls frequently present penetrations or
length reduction to facilitate parking. This representsa com-
mon structural irregularity on modern high rise buildings.
Site observations indicate that stress concentrations around
these areas initiate the failure mechanism in wall
damage(fig. 16).

Figure 11: Building A, Concepcion: 15 story collapse

Figure 12: Building B, Concepcion: Compression, tension and shear
failure on first and second floors

Figure 13: Building C, Viñadel Mar: general wall failure at first floor:
40 cm out of plumb at the top.

Figure 14: Building D, Concepcion: compression failure at first floor:
40 cm out of plumb at the top
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Figure 15: Buckling and fracture of vertical reinforcement at web and
edge of an L shaped wall with opening

Figure 16: In building B; buckling of vertical reinforcement at wall
discontinuity.

5. Chilean Code changes after the 2010
earthquake: 5.1. Design of concrete special
structural walls:

Several changes for the design of concrete special struc-
tural walls were incorporated in the new emergency
revisionof the Chilean Code recently published. These pro-
visions are intended to prevent crushing and spalling of
concrete and buckling of vertical reinforcement at bound-
ary regions and at the same time prevent shear failures.

5.1.1. Design for bending and axial load of shear
walls:

l General behavior: the configuration of the entire cross
section (section T, L, C, etc.) should be considered.

l In determining the resistance of this type of sections,
the contribution of all the longitudinal reinforcement in
the cross section must be considered.

l Limiting axial load:at any cross section in a wall, unit
elongation of the longitudinal reinforcement must exceed
0,004 when the concrete reaches the opposite extreme
fiber shortening unit equal to 0.003. This is to avoid com-
pression failures in favor of tension and more ductile
types of failures.

l Alternatively, the preceding requirementcould be satis-
fied if the axial compression load on the wall does not
exceed 75% of the axial balance load.

l Design shear forces in walls: shear forces from analysis
must be amplified by 1.4 unless they are obtained us-
ing capacity design method.

l Slenderness: wall thickness must be greater than 1/16
of the unbraced length.

l Bar splices in longitudinal reinforcement: transverse re-
inforcement must be provided at lap splices. " Bar buck-

ling: spacing of transverse reinforcement must be ? 6
longitudinal bar diameter.

l Bar spacing and confining reinforcement in boundary
elements must comply with:

Figure 17: Confinement details

6. Conclusions

High rise concrete buildings constructed in Chile in the past
25 years performed well during the 2010 earthquake. Nev-
ertheless, the earthquake produced significant structural
damage on some new high rise shear wall buildings. As a
consequence of the observed damage, changes have been
made in the Chilean Codes (ref. [5, 8, 9, and 10]). The Con-
crete design code historically has followed ACI 318 [6],with
some specific exceptions,but new provisions have been
added for the design of special concrete shear walls. These
provisions are intended to prevent crushing and spalling of
concrete and buckling of vertical reinforcement at bound-
ary regions,and at the same time prevent shear failures when
shear wall buildings are subjected to large displacement
demands. A natural consequence of the more stringent
design requirements has been an increase in the construc-
tion cost of the structures. Buildings of natural period less
than 1,0 sec.(15 story) have not suffered significant differ-
ences, but for buildings of natural periods above 2.0 sec.(25
story), the cost of the structure has increased up to 10%.

7. Case Study: Costanera Center Tower 2,
Santiago Chile

7.1. Introduction

Costanera Center Tower 2 is an office building, part of a
multi-use development of 700,000 m2 of construction area,
including four towers for office, apartments, hotels, a six
level podium for retail, andsix levels of underground park-
ing and service spaces. The architects are Pelli-Clarke-Pelli
(USA) and AlemparteBarreda (Chile) and the structural en-
gineers Rene Lagos Engineers (Chile).

Currently the tower is under construction in Santiago de
Chile and will be finished during 2012. The total construc-
tion cost for the project is US$ 600,000,000. The complex
is located in the intersection of Costanera Av. and Nueva
TajamarStreet on a site 240 by 250 meters.

CostaneraCenter Tower 2, the tallest, has 110,000 m2of floor
area, 62 occupied stories and a total high of 300 meters
above street level plus19meters below ground. The tower
floor plate starts at its base with a dimension of 47 meters
by 47 meters and tapering to 40 meters by 40 meters from
the 20th floor up. For the earthquake, on February 27th 2010,
the building structure was under construction at approxi-
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mately 50% of the total eight. The building responded elas-
tically and no damage occurred.

Figure18: Costanera Center Tower 2, Santiago Chile

7.2. Structural System Description.

The structural system consists of a central reinforced con-
crete core, formed by shear walls with coupling beams. At
the perimeter of the plan there is a reinforced concrete frame.
They are linked by horizontal diaphragm slabs. The floor
framing system consists of steel beams spanning between
core and perimeter frame acting compositely with the con-
crete slabs over metal deck.

Figure19:structural system for levels -5 to 51 and 52 to 62

Figure20: floor system, composite slab + steel beam

Figure 21: Lateral structural system dimensions

7.3. Lateral Response.

The lateral load resisting system for Tower 2 essentially re-
lies on the flexural and shears deformation of the core and
the axial stiffness of the columns. These factors control the
efficiency of the system regarding stiffness. For lateral
loadresistance, the shear forces and overturning
momentsfrom seismic and wind loads are mainly resisted
by the concrete core which takes more than 90 % of these
forces. Figure 19 shows a typical structural floor layout.

The fundamental periods of the Tower are: T1 (N-S) =
7.21sec., T2 (E-W)=6.57sec. and T3 (rot)= 3.95sec. The
use of outriggers at the mechanical floors was evaluated
for increased lateral stiffness but finally disregardedbecause
the core stiffness was enough to provide a driftlimit of H/
800 which is less than H/500 required by the code.Figure
24 shows the drifts and lateral displacements for the seis-
mic design loads.

7.3.1. Wind

Two approaches were used to evaluate wind load response
for the tower:

7.3.1.1. Chilean Code NCh 432.Of71

Calculation of the Action of Wind on Structures

7.3.1.2. Wind tunnel test.

The study was done by Rowan Williams Davies & Irwin Inc.
(RWDI) in accordance with ASCE Standard ASCE/SEI
7-02.
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The adopted wind velocity for the 50-year return period
corresponds to a wind speed of 38 m/s at 10 m above
ground in open terrain, interpreted to be a 3 second gust
value. The predicted wind-induced accelerations at the top
occupied floorwere within the ISO based criteria for the 1, 5
and 10 year return periods. The 10 year accelerations were
also within thecommonly used criterion of 20 to 25 milli-g
for an office tower.

Figure 22: Wind tunnel test structural wind response.

7.3.2. Earthquake

Two approaches were used to evaluate the dynamic re-
sponse of the building under earthquake loading:

7.3.2.1. Dynamic Response Spectrum Analysis
(DRSA)

according to the Chilean Code NCh 433.Of96 Seismic De-
sign of Buildings. The building is located in Chilean Seis-
mic Zone 2 with soil type II (Gravel). The minimum design
base shear force for this condition is 5% of the building
weight (DL + 0.25LL).

The code requires drift ratios at the center of mass ? h/500
for inter-story drift, and H/500 for overall drift. According to
the code, buildings are expected to behave in the inelastic
range and be able to withstand the design earthquake with-
out collapse. Nevertheless Tower 2 has a fundamental pe-
riod of 7.2 seconds and the DRSA shows the elastic re-
sponse for the building has a base shear of 6% (< 5% x

1.4). This means that the building would not enter the in-
elastic range under this earthquake level and the forces
attracted are resisted by elastic displacements. Tower 2 is
expected to remain in the elastic range under this level of
earthquake.

Figure 23: Comparison of Spectrums 27-F vs. Site Spectrum and
Chilean NCh433. Code Spectrum

Figure 24: Code spectrum vs. Site spectrum displacements
and drifts

7.3.2.2. Dynamic Time History Analysis:

A specific seismic hazard assessment study for the site
was performed by S y S Consulting Engineers (Chile). The
hazard is controlled by the subduction between Nazca and
South American plates. For design, three subduction earth-
quakes were defined:

l Off-shore interplatesubduction earthquake of Richter
magnitude Ms = 8.5 and at the hipocentral distance of
130 Km.This earthquake is characterized by a peak hori-
zontal ground acceleration (PGA) of 0.42 g. " Far off-
shore interplatesubduction earthquake of Richter mag-
nitude Ms = 8.5 and at the hipocentral distance of 320
Km.This earthquake is characterized by a PGA
= 0.18 g.

l Intermediate depth intraplatesubduction earthquake of
Richter magnitude Ms = 8.0, with the epicenter at only
20 Km East of the building site and a hipocentral depth
of 80 Km. The PGA for this earthquake is 1.2 g. Elastic
acceleration response spectra were estimated for the
three earthquakes.

For the time-history dynamic analysis of the building, de-
sign artificial accelerograms were generated for the two last
types of earthquakes. Figure 25 shows the lateral displace-
ments for the time-history elastic analysis performed with
the artificial earthquake records.

Figure 25: Lateral displacements for time-history elastic dynamic
analysis in X and Y directions
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7.3.2.3. Static Non-linear analysis

A push-over analysis was performed by Guendelman and
Capacity-Demand curves were determined, indicating the
building would behave essentially in the elastic range un-
der the design earthquakes defined in the Assessment of
Seismic Study.

Figure 26: Building Capacity curves and Capacity-Demand for the
Design Earthquakes

8. Case Study: Titanium La PortadaTower,
Santiago Chile

8.1. Introduction

Titanium La Portada is a 52 story 192 meters high building,
plus a 7floor underground parking and a podium 11 stories
high around the office tower. The total building area is
130,000 m2, and the construction cost was US$
120,000,000. The architects of the building are SENARQ
(Chile) and the structural engineer is Alfonso Larrain y Asoc.
Ingenieros.

The building is located in the corner of Andres Bello Av.
andVitacura Av. on a site of 60 by 100 meters, three blocks
away from the Costanera Center complex.

The tower typical floorhas a lens shaped plan, 61.0 meters
long by 34.0 meters wide (fig. 28).On February 27th 2010,
the building was finished and ready for occupancy. The
building responded elastically and no structural damage
occurred. The seismic dampers performed as expected
reducing the response of the building. Post-earthquake in-
spection of the dampers revealed some plastic deforma-
tions on the bending plates, without need for replacement.

Figure 26: Titanium La Portada Tower, Santiago Chile

8.2. Structural System Description.

Themain structural system is formed by a central concrete
wall core around elevators and stairs, and a concrete spe-
cial moment resisting frame (SMRF) at the perimeter of the
plan.At the far ends of the plan, cross type steel bracings
three stories high with energy dissipation devices were used
throughout the complete high of the building for reduced
seismic performance. In the longitudinal direction, energy
dissipation devices were placed in two shear walls as shown
on figure 26 in sectors 1 and 2. The floor structural system
is solved by hollow prefabricated one way slabs supported
by the core on one side and the perimeter beam on the
other, The prefab elements are topped with 5 cmconcrete
with an embedded steel reinforcing mesh, carefully an-
chored at both ends for structural integrity of the diaphragm.

Figure 26: Architectural and structural plan showing location of
energy dissipation devices (UFP Type)

Figure 27: Transversal and longitudinal energy dissipation devices
(plastic hysteretic plate bending)

8.3. Lateral Response.

The lateral load resisting system for Titanium Tower relies
on the flexural and shears deformation of the core, the axial
stiffness of the columns, the cross bracing and damping
characteristics of the energy dissipation devices. These
factors control the efficiency of the system regarding stiff-
ness. For lateral load resistance, the shear forces and over-
turning momentsfrom seismic and wind loads are mainly
resisted by the concrete core which takes more than 90 %
of these forces.
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The lateral deflections in the longitudinal direction are con-
trolled by seismic forces compared to wind forces. In the
transverse direction, the building has the largest exposure
to wind and consequently wind loads deflections are larger
than seismic lateral deflections.

Figure 28 shows a typical structural floor layout. This com-
plies with the strength and stiffness requirements of the
Chilean Seismic Code for stability and drift control. The fun-
damental periods of the building are: T1 (N-S) = 5.88 sec.,
T2 (E-W)= 4.61 sec. and T3 (rot)= 3.70 sec.

8.3.1. Drift control:

Response reductions obtained for the NS component
Melipilla earthquake (Ms 7.8), due to the use of dampers,are
in the range of 10 to 30% in the drifts in the longitudinal
direction and in the range of 20 to 45% in the transverse
direction.

9. Final remarks on seismic performance of high
rise buildings

In concrete shear wall structural systems and dual systems,
frequently used in high rise buildings in the range of 20 to
40 story, the use traditional design practice based on fun-
damental mode response and force reduction factors, have
proven to provide reliable seismic performance when de-
signed according to modern codes such as ACI 318, as-
suming the local seismic code provides a good estimate of
the demand.

For buildings subject to large displacement demands, ad-
ditional requirements to those in ACI 318 should be con-
sidered for the design of concrete shear walls, to prevent

Figure 28: Typical floor structural plan

Titanium Tower: Structural Elements

Figure 29: Shear force and drift reduction in longitudinal direction
due to dampers for NS Melipilla earthquake.

Figure 30: Shear force and drift reduction in transverse direction due
to dampers for NS Melipilla earthquake.
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crushing and spalling of concrete and buckling of vertical
reinforcement at boundary regions. Observations in the
Chilean 2010 earthquake indicate the need for stringent
requirements in:

l The level of axial stress allowed.

l The slenderness of the walls.

l Spacing of transverse reinforcement.

l Splices in longitudinal reinforcement.

l Amplification of shear forces for design.

The use of energy dissipation devices has improved the
seismic performance of high rise buildings. Of special im-
portance is the reduction of damage obtained in non-struc-
tural components. Observations in Chile indicate this type
of damage in many cases was the reason for buildings to
become inhabitable, involving high repairing costs. Future
trends should move into the adoption of these technolo-
gies as standard solutions.

Nevertheless, the adoption of a performance based phi-
losophy instead of prescriptive type codes is setting out
the best practice principles for the seismic design of high
rise buildings. This type of codes have been in use in Ja-
pan and China for some years and permitted in the United
States in the IBC code.

Seismic performance of modern generation tall buildings
with complex geometries cannot be predicted with elastic
methods of analysis using global force reduction methods.
Nonlinear response-history procedures must be used to
predict their behavior and guarantee their target perfor-
mance under moderate and severe earthquake conditions.
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Scenario-based time-dependent
definition of seismic input: an effective
tool for engineering analysis and seismic
isolation design

Summary

For the protection of cultural heritage and the design of stra-
tegic buildings and critical infrastructures, when it is neces-
sary to consider extremely long time intervals, the standard
probabilistic estimates of seismic hazard (PSHA) are by far
not applicable. The heuristic limitations are, indeed, a ma-
jor limit of PSHA, whose results, extrapolating ground mo-
tion with an infinitely long return period from a few hundreds
years of the available earthquake catalogues, may turn out
to be a purely numerical artefact. A viable alternative, ca-
pable of minimizing the draw backs of PSHA is represented
by the use of a scenario-based methodology, named
neodeterministic approach (NDSHA), which relies on ob-
servable data and is based on the physical modelling of
seismic waves generation and propagation processes. The
NDSHA naturally supplies realistic time series of ground
motion, which represent also reliable estimates of ground
displacement readily applicable to seismic isolation tech-
niques, useful to preserve historical monuments and rel-
evant man made structures.

In addition, an integrated NDSHA approach has been de-
veloped that allows for the operational definition of time-
dependent scenarios of ground shaking, through the rou-
tine updating of formally defined earthquake predictions.
The integrated NDSHA procedure, which is currently ap-
plied to the Italian territory, combines different pattern rec-
ognition techniques, designed for the space-time identifi-
cation of strong earthquakes, with algorithms for the realis-
tic modelling of ground motion. Accordingly, when an alarm
is declared, a set of scenarios of expected ground shaking
at bedrock, associated with the alarmed areas identified by
means of the algorithms CN and M 8 S , can be readily
computed by means of full waveform modelling, both at
regional and local scale, considering all possible earthquake
sources within the alerted areas. F or the relevant sites, fur-
ther investigations can be performed taking into account
the local soil conditions, in order to compute the seismic

Giuliano F. Panza1,2; Antonella
Peresan1,2; Franco Vaccari,2; Fabio
Romanelli1,2; Alessandro Martelli3

input (realistic synthetic seismograms) for engineering
analysis.

The practical application of seismic input modelling for seis-
mic isolation purposes, and particularly for the protection
of historical buildings, has been already carried out for ex-
ample for several sites, including the cities of Trieste (NE
Italy) and Valparaiso (Chile) and the towns of Marigliano
and Ercolano (Naples, Italy). A recent example of the prac-
tical adv antages that can be provided by the time-depen-
dent definition of ground-shaking scenarios is given by the
Cathedral of Santa Maria di Collemaggio, which was se-
verely damaged during the L 'Aquila earthquake (April 6 ,
2009). Based on the ongoing alert for the nearby CN region
and the relevant ground shaking expected at the site, the
restoration and protection of the cathedral by means of
dampers could have been timely completed, possibly lim-
iting if not preventing the occurred damage.

The relevance of the realistic modelling, which permits the
generalization of empirical observations by means of physi-
cally sound theoretical considerations, is evident, as it al-
low s for the optimisation of the structural design with re-
spect to the site of interest. Moreover, the time information
given by the intermediate-term middle-range earthquake
prediction can enhance preparedness and planning of risk
mitigation actions.

Keywords

Seismic hazard; earthquake scenarios; seismic input; earth-
quake prediction; seismic isolation

Theme

Structural Design - Action engineering/earthquake -Isola-
tors

1. Introduction

Most of the seismic zonation adopted by the current regu-
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lations, either on a national or a regional scale, have been
defined according to a well-established but obsolete, con-
ventional probabilistic approach, PSHA (Cornell [1]) and
hence they are basically affected by the limitations of such
methodology (Panza et al. [2]). Specifically, probabilistic
seismic hazard maps are: a) strongly dependent on the
available observations, unavoidably incomplete due to the
long time scales involved; b) not considering adequately
the source and site effects, since they resort to convolutive
techniques (e.g. ground motion attenuation relations, now
very popular under the acronym GMPE, Ground motion
prediction equations), which cannot be applied when deal-
ing with complex geological structures; c) time-indepen-
dent, being based on the assumption of random occurrence
of earthquakes (Bilham [3]).

Lessons learnt from recent destructive earthquakes, includ-
ing the L 'Aquila (2009), Haiti (2010 ) and Chile (2010 ) earth-
quakes, provided new opportunities to revise and improve
the seismic hazard assessment (SHA). There is the need,
however, of a formal procedure for the official collection and
proper evaluation of seismic hazard assessment results,
so that society may benefit from the scientific studies and
may not be misled by the incorrect hazard assessment re-
sults and even non-scientific results. An effective improve-
ment of current methodologies for SHA requires understand-
ing the limits and uncertainties of the available tools and
related estimates. Models currently used for SHA are gen-
erally verifiable, but their validation has been often limited
by the available data and accumulated knowledge. Cross-
checking with available observations and independent phys-
ics based models is thus recognized as a major procedure
for the necessary validation of SHA models.

Recently Kossobokov and Nekrasov a [4 ] show ed that the
worldwide maps resulting from the Global Seismic Hazard
Assessment Program, GSHAP (e.g. Giardini et al. [5]), are
grossly misleading, as proved by fatal evidence by all the
deadliest earthquakes occurred since 2000 year (table 1).
In fact, the probabilistic GSHAP maps that w ere published
in 1999, giving peak ground acceleration (PGA) values with
10% probability of being exceeded in 50 years, have been
disproved by the seismicity of the past ten years. T he com-
parison between the expected PGA values provided by
GSHAP and the actual maximum PGA experienced during
the period 2000 -2009, performed in terms of related inten-
sities, showed major inconsistencies, particularly severe as
earthquakes of greater and greater size were considered.
Moreover, the authors analyzed the seismicity of the past
century, as well as the seismicity of the decade 1990-1999,
when GSHAP was developed, and found that the perfor-
mance of the maps was equally poor. Thus GSHAP fails
both in describing past seismicity, as well as in predicting
expected ground shaking.

In view of the very unsatisfactory performances of most of
the traditional probabilistic approaches, the need for de-
veloping time-dependent scenario-based seismic hazard

maps, from a mid-term anticipatory perspective, is evident.
The neo-deterministic approach, NDSHA (Peresan et al. [6]
and references therein), allows us to integrate the available
information provided by the most updated seismological,
geological, geophysical and geotechnical databases for the
site of interest, as well as advanced physical modelling tech-
niques, to provide reliable and robust basis for the dev
elopment of a deterministic design basis for cultural heri-
tage and civil infrastructures in general (Field et al. [7], Panza
et al. [8] [9]). Neo-deterministic refers to scenario-based
methods for seismic hazard analysis, w here attenuation
relations and other similarly questionable assumptions
about local site responses, all implying some form of physi-
cally not sound linear convolution, are not allowed in, but
realistic synthetic time series are used to construct earth-
quake scenarios. The NDSHA procedure provides strong
ground motion parameters based on the seismic waves
propagation modelling at different scales-regional, national
and metropolitan - accounting for a wide set of possible
seismic sources and for the available information about
structural models. The scenario-based methodology relies
on observable data and is complemented by physical mod-
elling techniques, which can be submitted to a formalized
validation process.

Table 1. List of the ten deadliest earthquakes occurred dur-
ing the period 2000-2010, and the corresponding intensity
differences (mPGA), estimated among
the values observed and predicted by GSHAP.

 (mPGA) are computed from the observed
magnitude M and the predicted PGA, respectively, using
existing relationships (after Kossobokov and Nekrasov a
[4]).

To sum up: 1) Statistical analysis is a must for seismic haz-
ard assessment, because this is the nature of earth sci-
ences and the results from any approach should be test-
able by observations; 2) PSHA is not a VALID probabilistic
approach because a) it is not based on valid earthquake
source model (single point source which is no longer valid
for earthquakes having safety concern), b) mathematical
pitfalls (i.e., incorrect use of statistics and probability theory
such as G-R curve and ground motion attenuation), c) mis-
interpretation and use of the annual probability of
exceedance (i.e., the probability of exceedance in one year-
a dimensionless quantity) as a frequency (per year-a di-
mensional quantity); 3) scenario-based (NDSHA) hazard
analysis is a statistical approach because the uncertainties
are considered, but quantified in a different way than PSHA
and the associated occurrence frequency can be assessed;
4) DSHA is also a statistical approach although it is called
deterministic. Its major draw backs are a) to rely upon at-
tenuation relations and b) obscure occurrence interval (fre-
quency).

The evolving situation makes it compulsory any national or
international regulation to be open to accommodate the
most important new results, as they are produced and vali-
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dated by the scientific community. An example is provided
by the Ordinance of the Prime Minister (OPCM ) n. 3274/
2003, plus its amendments and additions, which have en-
forced the current Seismic Code in Italy: in the Ordinance it
is explicitly stated that the rules of the code must be re-
vised as new scientific achievements are consolidated.
Destruction and casualties caused by the L 'Aquila earth-
quake (April 6, 2009 ; M6.3), despite it took place in a w ell
know n seismic territory of the Italian peninsula, are just a
sad reminder that significant methodological improvements
are badly needed toward a reliable assessment of ground
shaking and engineering implementation.

2. The neo-deterministic approach

NDSHA is an innovative procedure that supplies realistic
time histories from which it is possible to retrieve peak val-
ues for ground displacement, velocity and design accel-
eration in correspondence of earthquake scenarios (e.g.
Parvez et al. [10]; Paskaleva et al. [11]). The procedure is
particularly suitable for the optimum definition of the char-
acteristics of the modern anti-seismic devices, when the
accelerometric data available are not representative of the
possible scenario earthquakes and when non-linear dy-
namic analysis is necessary. By sensitivity analysis, know
ledge gaps related to lack of data can be easily addressed,
due to the limited amount of scenarios to be investigated.

Where the numerical modelling is successfully compared
with records, the synthetic seismograms permit the
microzoning, based upon a set of possible scenario earth-
quakes. Where no recordings are available the synthetic
signals can be used to estimate the ground motion without

having to wait for a strong earthquake to occur (pre-disas-
ter microzonation). In both cases the use of modelling is
necessary since the so-called local site effects can be
strongly dependent upon the properties of the seismic
source and can be properly defined only by means of en-
velopes. In fact, several techniques that have been proposed
to empirically estimate the site effects using observations
convolved with theoretically computed signals correspond-
ing to simplified models, supply reliable information about
the site response to non-interfering seismic phases, but they
are not adequate in most of the real cases, when the seis-
mic sequel is formed by several interfering waves.

One of the most difficult tasks in earthquake scenario mod-
elling is the treatment of uncertainties, since each of the
key parameters has its own uncertainty and intrinsic vari-
ability, which often are not quantified explicitly. A possible w
ay to handle this problem is to vary systematically (within
the range of related uncertainties) the modelling param-
eters associated with seismic sources and structural mod-
els, i.e. to perform a parametric study that takes into ac-
count the effects of the various focal mechanism param-
eters (i.e. strike, dip, rake, depth etc.). The parametric stud-
ies w ill allow us to generate adv anced groundshaking sce-
narios for the proper evaluation of the site-specific seismic
hazard, with a complementary check based on both proba-
bilistic and empirical procedures. Once the gross features
of the seismic hazard are defined, and the parametric analy-
ses have been performed, a more detailed modelling of the
ground motion can be carried out for sites of specific inter-
est. Such a detailed analysis should take into account the
source characteristics, the path and the local geological
and geotechnical conditions.
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The NDSHA (e.g. Panza et al. [8] [9]) represents one of the
new and most adv anced approaches and it has been ap-
plied successfully in many areas worldwide (e.g. Parvez et
al. [12]; Panza et al. [2]). This approach addresses some
issues largely neglected in traditional hazard analysis,
namely how crustal properties affect attenuation: ground
motion parameters are not derived from overly simplified
attenuation functions, but rather from synthetic time histo-
ries. Starting from the available information on the Earth's
structure, seismic sources, and the level of seismicity of
the investigated area, it is possible to estimate peak ground
acceleration, velocity, and displacement (PGA, PGV, and
PGD) or any other parameter relevant to seismic engineer-
ing, which can be extracted from the computed theoretical
signals. NDSHA allow s us to obtain a realistic estimate of
the seismic hazard w here scarce (or no) historical or in-
strumental information is available. Synthetic seismograms
can be constructed to model ground motion at sites of in-
terest, using know ledge of the physical process of earth-
quake generation and wave propagation in realistic media.
The signals are efficiently generated by the modal summa-
tion technique (e.g. Panza et al. [9]), so it becomes pos-
sible to perform detailed parametric analyses that permit to
account for the uncertainty in input information.

The estimates of seismic hazard obtained according to the
NDSHA and to the probabilistic (PSHA) approaches have
been compared for the Italian territory (Zuccolo et al. [13]).
The NDSHA provides values larger than those given by the
PSHA in high-seismicity areas and in areas identified as
prone to large earthquakes, while lower values are provided
in low-seismicity areas. T he PSHA expected ground shak-
ing estimated with 10% probability of being exceeded in 50
years (associated with a return period of 475 years) ap-
pears severely underestimated (by about a factor 2) with
respect to NDSHA estimates, particularly for the largest
values of PGA. When a 2% probability of being exceeded in
50 years is considered (i.e. return period of 2475 years)
PSHA estimates in high-seismicity areas become compa-
rable with NDSHA; in this case however, the overall increase
related with probabilistic estimates leads to significantly
overestimate the hazard in low-seismicity areas. These
observations point out one of the basic limits of PSHA esti-
mates, particularly severe as far as building codes are con-
cerned, that is the overly dependency of ground shaking
on earthquakes recurrence (i.e. on the probability thresh-
old selected for the maps).

From an anthropocentric perspective, buildings should be
designed so as to resist future earthquakes. When an earth-
quake with a given magnitude Moccurs, it causes a spe-
cific ground shaking that certainly does not take into ac-
count whether the event is rare or not; thus ground motion
parameters for seismic design should not be scaled de-
pending on earthquake recurrence. With reference to Italy,
based on recent experience from L 'Aquila earthquake and
in line with the spirit of the Ordinance OPCM n. 3274/2003,
which enforced the current Seismic Code shifting from a -

emergency/rescue" to a -prevention" perspective, the PSHA
should be used only to classify the territory on the basis of
the probability that, in a given area, an earthquake with a
given magnitude may occur in a given time interval (disas-
trous [say 500 years]; strong [say 140 years]; frequent [say
70 years]; etc.). Accordingly, when considering two sites A
and B prone to earthquakes with the same magnitude, say
M = 7, given that all the remaining conditions are the same,
the site w here the recurrence is lower appears naturally
preferable; nevertheless parameters for seismic design
(DGA, PGA, PGV, PGD, etc.) must be equal at the two sites,
since the expected magnitude is the same (M = 7 ). The
evaluation is obviously different from a merely statistical
point of view, which may apply to insurances but it is cer-
tainly not inline with the Ordinance OPCM n.3274/2003.

3. Time-dependent scenarios at regional scale

Based on the NDSHA an operational integrated procedure
for seismic hazard assessment has been dev eloped
(Peresan et al. [14] and [15]; Zuccolo et al. [16]) that allows
for the definition of time-dependent scenarios of ground
shaking, through the routine updating of earthquake pre-
dictions. Accordingly, when an alarm is declared, a set of
scenarios of expected ground shaking at bedrock, associ-
ated with the alarmed areas identified by means of formally
defined algorithms, can be readily computed by means of
full waveform modelling, both at regional and local scale,
considering all of the possible earthquake sources within
the alerted areas. For the relevant sites, further investiga-
tions can be performed taking into account the local soil
conditions, in order to compute the seismic input (realistic
synthetic seismograms) for engineering analysis.

The intermediate-term medium-range earthquake predic-
tions are performed by means of the algorithms CN and
M8S (Keilis-Borok and Rotwain [17] and Kossobokov et al.
[18]). CN and M8S algorithms belong to a family of fully
formalized procedures for intermediate-term middle-range
earthquake prediction, which are tested in several regions
worldwide since more than twenty years. The results of the
global scale real-time experimental testing of these algo-
rithms (e.g. Kossobokov et al. [19]; Rotwain and Novikova,
[20]) indicate the possibility of practical earthquake fore-
casting, although with limited accuracy, i.e. with a charac-
teristic alarm-time ranging from a few months to a few years
and a linear uncertainty in space of hundreds of kilometres.
B y the algorithms definition, in fact, the dimensions of the
monitored areas increase proportionally to the length L of
the source of the events to be predicted, in order to ac-
count for possible long-range interactions in seismic activ-
ity. Thus it appears particularly relevant to combine the
space-time information from CN and M8S algorithms with
observations independent from seismicity, such as those
provided by the morphostructural analysis. Based on the
morphostructural zonation, in fact, the pattern-recognition
technique can be used to restrain the alerted areas to the
more precise location of large events, independently from
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any transient seismic information. In Italy, the identification
of the areas prone to strong earthquakes has been per-
formed by Gorshkov et al. [21], [22] for two magnitude
thresholds, M 6 .0 and M 6 .5 ; the identified seismogenic
nodes are used, along with the seismogenic zones (Meletti
and Valensise [2004]), to characterise the seismic sources
for ground motion modelling. The results from practical
application of the integrated neo-deterministic procedure,
which permits to compute different kind of scenarios at dif-
ferent space level, are illustrated considering:

l national scale scenarios at bedrock associated with the
alerted regions;

l scenarios at bedrock associated with each single
seismogenic node within the alerted region;

l detailed scenarios, that take into account local soil con-
ditions, associated with each single seismogenic node
within the alerted region.

The proposed approach complements the traditional ap-
proach to seismic hazard estimates, since it supplies rou-
tinely updated information that can be useful in assigning
priorities for timely mitigation actions and hence it is par-
ticularly relevant for Civil Defence purposes.

3.1 Scenarios at bed rock associated with the
alerted regions

The application of CN and M8S algorithms to the Italian
territory is described in detail in Peresan et al. [24]. F or the
application of the algorithm CN a regionalization composed
by three macro-zones, defined strictly based on the
seismotectonic zoning and taking into account the main
geodynamic features of the Italian area, is considered. For
the application of M8S algorithm (i.e. the spatially stabi-
lized variant of M8 ), seismicity is analysed within a dense
set of overlapping circles, with radius increasing with the
magnitude of the target events and covering the monitored
area. An experiment is ongoing since 2003, aimed at a real-
time testing of M8S and CN predictions for earthquakes
with magnitude larger than a given threshold (namely 5.4
and 5.6 for CN algorithm, and 5.5 for M8S algorithm) in the
Italian region and its surroundings. Predictions are regu-
larly updated every two months and a complete archive of
predictions is made available on-line (http://
www.ictp.trieste.it/ www users /sand/prediction/
prediction.htm), thus allowing for a rigorous testing of the
predictive capability of the applied algorithms. The results
obtained during more than seven years of real-time moni-
toring already permitted a preliminary assessment of the
significance of the issued predictions (Peresan et al. [15]).
So far, 12 out of the 14 strong earthquakes, occurred within
the monitored territory since 1963, have been correctly pre-
ceded by a TIP declared by CN algorithm, with less than 30
% of the overall space-time volume occupied by alarm; the
confidence level for such predictions is above 99%. Simi-
larly, the algorithm M8S correctly identified 14 of the 23 earth-

quakes with magnitude M5.5 + (i.e. between 5.5 and 6.0),
occurred since 1972 within the monitored territory, with a
space-time volume of alarm of about 34%; the confidence
level of M5.5 + predictions has been estimated to be above
98% (no estimation is yet possible for higher magnitude
levels).

According to the neo-deterministic procedure, the expected
ground motion is modelled at the nodes of a regular grid
with step 0.2° x 0.2° point, starting from the available infor-
mation about seismic sources and regional structural mod-
els. Ground shaking scenarios associated with the alerted
area are defined considering altogether the set of possible
sources included in the region, following the procedure
described in (Peresan et al. [15]). In such a way an alarm
(which consists of space, time and magnitude information
about the impending earthquake) can be associated with
maps describing the seismic ground motion caused by the
potential sources in the alerted region.

In this paper we provide the example of an alarm declared
by the CN algorithm for the Northern region (figure 1), which
turns out to be relevant in connection with the L 'Aquila earth-
quake (April 6, 2009). Figure 1 a, b and c illustrate the maps
of PGD (peak ground displacement), PGV (peak ground
velocity) and DGA (design ground acceleration), associ-
ated with the CN Northern region; any other parameter of

Figure1: a) map of PGD, b) PGV, c) DGA, d) Intensity scenario (MCS
>VII) associated to an alarm in CN Northern region, as defined for
the period 1 March 2009 - 1 May 2009. The minimum value of DGA

reported in the map is 0.01 g. The alarmed region is shown as insert,
along with the epicentre of the L'Aquila earthquake (blue star); the
circle in the intensity map indicates the area within 3 0 km from the

epicentre of the M = 6.3 earthquake occurred on April 6, 2009.
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interest for seismic engineering can be mapped as well.
Maps of expected intensities (figure 1 d) can also be ob-
tained (e.g. Zuccolo et al. [13]), using the available rela-
tionships among the computed horizontal ground motion
and the observed macroseismic intensities (e.g. Panza et
al. [25]).

CN and M8S predictions, as well as the related time-de-
pendent ground motion scenarios, are routinely updated
every two months and are made available to the Civil De-
fense of the Friuli Venezia Giulia Region since 2006. The
L'Aquila earthquake occurred outside the areas alerted by
CN and M8S algorithms for the corresponding magnitude
interval (figure 1 d), therefore it turns out to be a failure to
predict; the epicentre, however, was localized just outside
(about 10 km) the region alerted by CN algorithm for an
earthquake with magnitude M >5 .4 . Thus, the time-de-
pendent ground shaking scenario defined for the period 1
March 2009 - 1 May 2009, correctly predicted the
macroseismic intensities, as large as IX (MCS ), observed
for this earthquake (Peresan et al. [15] and references
therein).

3.2 Scenarios at bed rock associated with
earthquake prone areas

The space uncertainty typical of the intermediate-term
middle-range predictions is quite large. An attempt to con-
strain the location of the impending events is possible
through the combined use of seismological, geological and
morphostructural information. In fact, pattern-recognition
can be used to identify the sites capable to generate the
strongest events inside the alerted areas, independently
from any transient seismic information. The areas prone to
strong earthquakes are identified based on the
morphostructural nodes, which represent specific structures
formed around the intersections of lineaments. Lineaments
are identified by the Morphostructural Zonation (MZS)
Method (Alekseevskaya et al. [26]), that, independently from
any information about seismicity, delineates a hierarchical
block structure of the studied region, using tectonic and
geological data, with special care to topography. The bound-
ary zones between blocks are called lineaments and the
nodes are formed at the intersections or junctions of two or
more lineaments. Among the defined nodes, those prone
to strong earthquakes are then identified by the pattern rec-
ognition on the basis of the parameters characterising indi-
rectly the intensity of neo-tectonic movements and fragmen-
tation of the crust at the nodes (e.g. elevation and its varia-
tions in mountain belts and watershed areas; orientation
and density of linear topographic features; type and den-
sity of drainage pattern). For this purpose, the nodes are
defined as circles of radius R = 25 km surrounding each
point of intersection of lineaments. The morphostructural
zonation of Italy and surrounding regions, as w ell as the
identification of the sites w here strong events can nucle-
ate, has been performed by Gorshkov et al. [21], [22] con-
sidering two magnitude thresholds: M 6 .0 and M 6 .5 . In

order to have a picture of w hat should be expected if a
strong earthquake occurs during a TIP, the scenario of
ground motion at bedrock can be computed considering a
single node prone to a strong earthquake. In addition re-
search is in progress showing that, by focussing on spe-
cific faults included within alerted nodes, it is possible to
perform parametric studies, which permit to single out the
relevance of source-related effects, like directivity. In figure
2 we supply an example of scenario corresponding to the
fault ITIS038 from the database DISS3 (Basili et al. [27]),
which is included in the node I26 (Gorshkov et al. [21]). The
rupture process at the source and the consequent directiv-
ity effect (i.e. radiation at a site depends on its azimuth with
respect to rupture propagation direction) is modelled by
means of the algorithm dev eloped by Gusev and Pavlov
[28] and Gusev [29], that simulates the radiation from a
fault of finite dimensions, named PULSYN (PUL se-based
wide band SYN thesis).

Figure 2: Ground shaking scenarios at bedrock (peak ground
velocity, PGV) a) for source directivity south-east; a) for source

directivity north-west. The fault ITIS038 from the database DISS3
(Basili et al. [27]), within the node I26 from Gorshkov et al.

[21], is considered.

4. Seismic input at local scale and microzonation

While waiting for the accumulation of new strong motion
data, a very useful approach to perform immediate
microzonation is the development and use of modelling
tools. These tools are based, on the one hand, on the theo-
retical knowledge of the physics of the seismic source and
of wave propagation and, on the other hand, exploit the
rich database, already available, that can be used for the
definition of the source and structural properties. Actually,
the realistic modelling of ground motion requires the simul-
taneous know ledge of the geotechnical, lithological, geo-
physical parameters and topography of the medium, on
one side, and tectonic, historical, palaeoseismological,
seismotectonic models, on the other, for the best possible
definition of the probable seismic source. The initial stage
for the realistic ground motion modelling is thus devoted to
the collection of all available data concerning the shallow
geology, and the construction of a three-dimensional struc-
tural model to be used in the numerical simulation of ground
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motion. To deal both with realistic source and structural
models, including topographical features, a hybrid method
has been developed that combines modal summation and
the finite difference technique (e.g. Fäh and Panza [30]),
and optimizes the use of the advantages of both methods.
Wave propagation is treated by means of the modal sum-
mation technique from the source to the vicinity of the lo-
cal, heterogeneous structure that we may want to model in
detail. A laterally homogeneous anelastic structural model
is adopted, that represents the average crustal properties
of the region. The generated wavefield is then introduced
in the grid that defines the heterogeneous area and it is
propagated according with the finite differences scheme;
source, path and site effects are all taken into account, and
it is therefore possible a detailed study of the wavefield that
propagates even at large distances from the epicentre.

4.1 Applications to cultural heritage and seismic
engineering analysis

The proposed methodology has been successfully applied
to many areas worldwide (e.g. Panza et al. [8], [9]) and, for
the purpose of seismic microzoning, to several urban ar-
eas in the framework of the UNESCO/IUGS/IGCP projects -
Realistic Modelling of Seismic Input for Megacities and
Large Urban Areas" (e.g. Panza et al. [9]) and in the frame-
work of various scientific networks like -Seismic Hazard and
Risk Assessment in North Africa", "Seismic microzoning of
Latin America cities" and -Seismic Hazard in Asia". Several
examples of application of the NDSHA approach can be
found in the topical volume on -Advanced seismic hazard
assessment" (Panza, Irikura, Kouteva, Peresan, Wang and
Saragoni Editors; Pure and Applied Geophysics, vol. 168 ,

Figure 3 : modelled acceleration along the profile. From top to bottom: vertical, radial and transverse component of motion. The lower panel
shows the considered 2D structural profile. All the synthetic seismograms are normalized to the maximum peak acceleration (223 cm/s2),

obtained for the radial component about 3 km far from the beginning of the profile (after Vaccarietal. [3 2]).
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Figure 4 : modelled spectral amplification along the profile, computed from the synthetic accelerograms as response spectra ratios (2D /1 D
bedrock). From top to bottom: vertical, radial and transverse component of motion. The lower panel shows the considered 2D structural profile

(after Vaccari et al. [32]).
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2011). The methodology has been applied to assess the
importance of non-synchronous seismic excitation of long
structures as well. To take into account the local variability
of the ground motion, due to source effects, local lateral
heterogeneities and attenuation properties, can be crucial
for the realistic definition of the asynchronous motion at the
base of bridge piers (e.g. Romanelli et al. [31]).

A pilot application of the proposed approach, including a
detailed evaluation of the expected ground motion account-
ing for site effects, has been carried out, among others, for
the city of Trieste (NE Italy). This analysis, described in de-
tail by Vaccari et al. [32], has been performed using a de-
tailed definition of the mechanical properties of the site (and
of the seismic source, modelled as an extended source.
The rupture process at the source and the consequent di-
rectivity effect (i.e. radiation at a site depends on its azi-
muth with respect to the rupture propagation direction) has
been modelled by means of the algorithm, dev eloped by
Gusev and Pavlov [28] and Gusev [29]. Along the profile
the ground motion is modelled with broadband synthetic
accelerograms (maximum frequency 5 Hz) computed by
the hybrid technique described in detail by Panza et al. [8].
For the engineering analysis, attention has been focused
on Palazzo Carciotti, a masonry neoclassical palace, which
has a prominent artistic relevance within the city (Vaccari et
al. [33]). The palace is located in the ancient part of Trieste,
where soft superficial sediments of poor geotechnical char-
acteristics are present. Ground motion modelling (figure 3)
show ed that these site conditions may lead to a peak
ground acceleration value of 0 .2 g, greater than the value
obtained at bedrock (figure 4). The computed synthetic
seismograms have been used as seismic input for the en-
gineering seismic safety appraisal of the building, perform-
ing three kind of dynamic analysis, namely: a) a modal analy-
sis, using response spectrums calculated both from syn-
thetic seismograms and according to Eurocode 8, b) a
push-over analysis, c) a dynamic push-over analysis. The
analysis evidenced that a strong earthquake (M = 6.5 )
occurring in the proximity of Trieste (21 km far from the con-
sidered site) could seriously compromise the stability of the
structure.

A further application of the NDSHA approach to the defini-
tion of the seismic input has been carried out for the mu-
nicipality of Nimis (Italy), aimed at the design of residential
seismically isolated buildings (Zuccolo et al. [16]). The seis-
mic input has been defined considering different levels of
detail for the earthquake source, both for a bedrock model
and taking into account the specific site conditions. The
horizontal response spectrum, calculated in the centre of
the municipality by modelling the most dangerous source,
advises against the construction of a building with a fixed
base, but it is compatible with the seismic isolation, and it
has been, therefore, used for the design of a residential
seismically isolated building. The maximum displacement
for the isolation system has been estimated about 17 cm, a

value much lower than that provided by the code design
response spectrum (28 cm).

The practical application of seismic input modelling for seis-
mic isolation purposes, and particularly for the protection
of historical buildings and cultural heritage, has been al-
ready carried out for the tow ns of Marigliano and Ercolano
(Naples, Italy), where the computed ground motion has
been used for the design of an innovativ e 3D-Isolation sys-
tem under the Herculaneum Roman ship, as described by
Indirli et al. [34]. In addition, the use of seismic input mod-
elling has also been planned to check the data used to
design the new seismically isolated building of the Romita
High School which is under construction in Campobasso,
after the demolition of the two most unsafe pre-existing
blocks of such a school (Martelli and Forni [35]), as w ell as
for defining the input data for the design of the new head-
quarters building of the ENEA Centre of Bologna, which
should be soon erected on a seismic isolation system in
the new -Technopole" of Emilia-Romagna Region in
Bologna.

The NDSHA approach has been also applied at a local scale
for the City of Valparaiso, in the framework of the -
MARVASTO "Project (Indirli et al. [36]), coordinated by
ENEA, with the participation of Italian (ENEA, Universities
of Ferrara and P adua, ICT P ) and Chilean (University
Federico Santa Maria in Valparaiso, University of Chile in
Santiago) partners.

Finally, a recent example of the practical adv antages that
can be provided by the time-dependent definition of ground-
shaking scenarios is given by the Cathedral of Santa Maria
di Collemaggio, which was severely damaged during the
L'Aquila earthquake (April 6, 2009). Based on the alert for
the nearby CN region (namely Northern region, figure 1 d),
that was ongoing since March 1, 2009, and on the relevant
ground shaking expected at the site, the restoration and
protection of the cathedral by means of dampers could have
been timely completed, possibly limiting if not preventing
the occurred damage (Martelli and Panza [37]).

5. Conclusions

The performances of the standard probabilistic approach
to seismic hazard assessment (PSHA) proved to be very
unsatisfactory, when considering the largest earthquakes
worldwide occurred during the last decade (e.g.
Kossobokov and Nekrasov a [4]). Lessons learnt from re-
cent destructive earthquakes show that a single hazard map
cannot meet all the requirements from different end-users.
Nowadays it is recognised by the engineering community
that peak ground acceleration (PGA) estimates alone are
not sufficient for the adequate design of special buildings
and infrastructures, since displacements may play a criti-
cal role and the dynamical analysis of the structure response
requires complete time series of ground motion. Moreover,
when dealing with the protection of cultural heritage and
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critical structures (e.g. nuclear power plants), where it is
necessary to consider extremely long time intervals, the
standard PSHA estimates are by far unsuitable, due to their
basic heuristic limitations. Therefore the need for an appro-
priate estimate of the seismic hazard, aimed not only at the
seismic classification of the national territory, but also ca-
pable of properly accounting for the local amplifications of
ground shaking (with respect to bedrock), as w ell as for
the fault properties (e.g. directivity) and the near-fault ef-
fects, is a pressing concern for seismic engineers.

A reliable characterization of the seismic input is essential
for the design of seismically isolated structures, which is
based on displacements (Martelli [39]; Martelli and Forni
[35], [38]). Accordingly, it is necessary to accurately define
the maximum displacement at the period relevant to the
isolated structure and the energy content at the low fre-
quencies, which should be expected at the specific site.
Since the safety of the isolated structures fully relies on the
deformation capability of the isolators to withstand the earth-
quake and, in several countries, the design forces acting
on the superstructure and foundations are somewhat low-
ered to account for the isolators effects, the design dis-
placement should not be underestimated; how ever, over-
estimating the expected displacement may also lead to
design an isolated structure with an overly rigid behaviour
at low excitations, inadequate in case of smaller earth-
quakes, which are more frequent and therefore are likely to
affect the structure during its lifetime. In addition, since seis-
mic isolation requires creating a structural gap compatible
with the design displacement, overestimating the expected
displacement might lead to renounce applying this tech-
nique, especially w hen dealing with the retrofit of existing
buildings, where usually there are strict space constraints.
Finally, for structures of considerable linear dimensions (e.g.
bridges and also some buildings), it is necessary to ac-
count for the possible asynchronous ground motion along
the base of structure, independently on whether the struc-
ture is seismically isolated or conventionally designed.

A viable alternative capable of minimizing the draw backs
of traditional SHA is represented by the use of the scenario
earthquakes, also named NDSHA, characterized at least in
terms of magnitude, distance and faulting style, and by the
treatment of complex source processes. The relevance of
the realistic modelling, which permits the generalization of
empirical observations by means of physically sound theo-
retical considerations, is evident, as it allows for the
optimisation of the structural design with respect to the site
of interest. NDSHA naturally supplies realistic time series
of ground motion, which represent also reliable estimates
of ground displacement readily applicable to seismic isola-
tion techniques, useful to preserve historical monuments
and relevant man made structures. It is evident, in fact, that
deriving displacements by double integrating the estimated
accelerations (as it is done in PSHA) may introduce signifi-
cant errors; moreover, the peak ground acceleration pe-
riod is quite different from that of displacements (usually

larger). The considerations abov e are particularly relev ant
to countries like China and Italy, where, following the
Wenchuan (2008) and L 'Aquila (2009) earthquakes, seis-
mic isolators and other anti-seismic dev ices are widely
applied (Martelli and Forni [35]).

Current computational resources and recent advances in
seismic hazard assessment, along with the acquired knowl-
edge on the response of different structural typologies (in-
cluding seismic isolators and dissipation systems) supply
effective tools for seismic risk mitigation. The proposed time-
dependent approach complements the traditional approach
to seismic hazard estimates, since it supplies routinely up-
dated information about the expected seismic input. The
time information associated to the scenarios of ground
motion, given by the intermediate-term middle-range earth-
quake predictions, can be useful to public authorities in
assigning priorities for timely mitigation actions, such as
the seismic safety appraisal of strategic buildings and struc-
tures. Urban planners and Civil Defence may also highly
benefit from the proposed advanced method for seismic
hazard assessment, in order to properly evaluate the vul-
nerability of urban settings and to develop prevention plans,
paying special attention to the structures that must be effi-
ciently operating after the earthquake (i.e. hospitals, fire
stations, pipelines and other distribution networks, etc.). The
aforesaid remarks and proposals are part of those contained
in two resolutions concerning recommended modifications
of the Italian and European design rules for the isolated
structures that are being discussed (February 2011) at the
Commission for the Environment, Territory and Public Works
of the Italian Chamber of Deputies (Alessandri et al. [40];
Benamati and Ginoble [41]).
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